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Comparatively, high wind speeds have been observed in South Africa.  Wind-related damage 
to LIH, in particular, have been recorded in recent years.  In 2018, about 13.1% of South 
Africa’s population resides in LIH that is government subsidised.  The damage caused to these 
houses has a significant impact on the socio-economy of the country.  In most cases, severe 
damage is caused to the walls and the roofs of these houses.  Many of these houses have lost 
their roofs during strong wind events due to inadequate anchorage to the supporting walls.  This 
results in reduced structural capacity of the walls, as the roof structure and the walls rely on 
each other for lateral support.  The roof anchoring methods of LIH fall within the general scope 
of the SANS 10400.  The number of reported failures of light roofs during thunderstorms raises 
questions regarding the adequacy of the current prescribed roof anchor systems. This paper 
investigates the performance of the current prescribed roof anchor systems for LIH with light 
roofs. This study was conducted through the combined effort of quantitative research and 
numerical calculations.  Static analyses were performed to calculate the expected peak reaction 
forces at the roof anchor systems and FEAs were conducted to predict the response of the roof 
anchor systems.  The scope of this study is limited to LIH with light roofs, supported on single 
leaf masonry walls that comprise of solid bricks or hollow blocks.  This study predicted that 
the prescribed roof anchor systems for LIH constructed from solid bricks perform poorly and 
are inadequate under the expected strong wind conditions as the anchor systems fail at wind 
speeds less than the wind speeds expected during the design life of the LIH.  However, this 
study found that the roof anchor systems for LIH constructed from hollow blocks performed 
well and were deemed adequate.  It was noted, within this study, that the construction and 
material quality significantly affect the performance of the roof anchor systems.  The outcome 
of this study suggests further research to develop more robust methods for anchoring the roofs 
of LIH with light roofs that is supported on solid brick walls. 
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1.1 Chapter overview 
This study investigates the adequacy of the roof anchor systems prescribed in the National 
Building Regulations of South Africa (NBR), a topic that is relatively unexplored in literature.  
This study is focussed on the roof anchor systems of South African low-income housing (LIH) 
with light roofs. 
This chapter sets the background for the research and provides the motivation for the study. It 
also provides the objectives, scope, and the layout of the study. 
1.2 Research background 
About five devastating wind events occur annually in South Africa, causing damage to 
structures and leaving thousands of people homeless, as cited in (Goliger, 2002). Blown-off 
roofs of LIH during strong winds have been recognised in a study by (Ogunfiditimi, 2008). 
These failures suggest that the roof anchor systems of South African LIH are inadequate and 
can negatively impact the socio-economy of the country. 
Roof anchors are used for anchoring the roofs of South African LIH to their support walls.  The 
walls are single leaf walls, constructed from either solid bricks or hollow blocks.  The roof 
anchor system comprises of the structural elements involved in the load path that distributes 
uplift wind loads from the roof to the foundations of the house.  The geometry and dimensions 
of South African LIH fall within the scope of the NBR.  The roof anchor system comprises of 
a steel strap that ties the roof support structure (roof truss or rafter) to the supporting walls.  For 
single leaf, solid brick masonry walls, the lower end of the steel strap is embedded between 
two brick courses at a specified height from the top of the wall, as prescribed by SANS 10400-
K (SABS Standards Division, 2015).  For single leaf, hollow block masonry walls, the lower 
end of the steel strap is embedded into a concrete infill that is casted  into the hollow cores of 




Research related to the topic of this study is relatively unexplored, although some research 
exists on the performance of roof anchors.  The performance of roof anchors may be determined 
through experimental- or numerical methods. Experimental methods may predict the 
performance more accurately than numerical methods, as material and construction flaws are 
considered, although, experimental tests may be costly and time-consuming.  Fortunately, 
extensive research in the design of masonry structures, inspired by the popular use of masonry, 
gave rise to the development of finite element analysis (FEA) techniques, for accurate 
simulation of masonry structures.  The simulation and assessment of masonry structures or 
elements through FEA techniques offer economical means for predicting the structural 
response (Lourenço, Rots and Blaauwendraad, 1995). 
Satheeskumar et al. (2017) studied the performance of hurricane clips that are used to secure 
the roofs of timber-framed houses, through finite element analysis (FEA), and found that the 
results from the FEA showed about 10% difference compared to the experimental results. 
Lee Shoemaker and Scott Womack (1990) conducted an experimental study of the performance 
of a common roof anchor method used in the United States, particularly for light commercial 
and public buildings with lightweight metal decking, supported by steel bar joists that span 
between masonry walls.  The method comprises a studded steel plate that is embedded into 
concrete that is placed either in a bond beam constructed at the top of the wall or cast into the 
cores of hollow blocks for walls without a bond beam.  The study found that the anchor method 
is highly dependent on the brick-mortar interfacial bond and performed poorly for its intended 
purpose. 
The adequacy of a roof anchor system, for houses, depends on the structural resistance that the 
roof anchor system offers, the peak wind speeds expected where the house is situated, and the 
geometry of the house and roof structure.  A roof anchor system is deemed adequate if the 
system can safely secure the roof, without causing discomfort to people, at the maximum wind 
speeds that are expected throughout the design life of the house. 
1.3 Research motivation 
This study is motivated by the belief that the information learned from the study will provide 
insight into further research that might be required to reduce the number of roof failures during 
strong wind events.  The motivation for this study finds its roots in the sub-sections that follow. 
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1.3.1 Lack of engineering input for wind-resistant design 
In recent times, disastrous wind events have been observed in the South African climate, 
causing damage and in some cases complete failure of structures.  An increase in weather-
related disasters is expected that poses significant challenges for disaster risk management in 
South Africa.  The disasters will certainly harm the infrastructure and socio-economy of the 
country.   
The combined increased occurrence of wind disasters coupled with an increasing population, 
poor land-use, and inhabitants residing in exposed areas are likely to increase the disaster risk 
level (Davis-Reddy and Vincent, 2017). 
Post-disaster reports on strong wind events carried out by researchers and scientists from the 
South African Weather Service (SAWS, 2020) pointed out several general structural failure 
patterns for houses due to strong winds (Goliger and Bradley, 2018).  One common failure that 
has been reported from post-disaster reports, is the failure of sheeted roof systems for houses 
with light timber roof trusses.  The roof systems either failed partially or entirely.  Partial failure 
of the roof is associated with failure of roof sheeting, suggesting that the sheeting fails and is 
partially or completely removed.  Complete failure may occur either when the members 
supporting the roof sheeting fail under excessive loading or when roofs are blown off due to 
insufficient anchorage of the to the supporting walls.  The structural failure of roofs can lead 
to severe damage to the building itself, neighbouring structures, the contents of the building, 
and serious or fatal injuries to people inside or close to the vicinity of the building.  Figure 1.1 
is an illustration of wind-induced damage to a building’s roof.  
 
Figure 1.1:  Roof failure of building during strong wind event. 
(Goliger and Bradley, 2018) 
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Literature suggests that the main cause of roof failures during strong winds, is due to the lack 
of engineering input:  Wind engineering has provided extensive insight into the estimation of 
wind loads on buildings through wind tunnel tests and post-disaster investigations over the past 
four decades.  However, this knowledge has not been demonstrated in the construction of wind-
resistant buildings, especially for residential construction (Lee Shoemaker and Scott Womack, 
1990).  Reports of damage to buildings, caused by strong winds, indicate that serious damage 
is mostly limited to non-engineered and marginally engineered buildings that are constructed 
from empirical design rules contained in local building codes.  These buildings are mainly 
houses constructed with timber-framed roofs and unreinforced load-bearing masonry walls 
(Sparks and Saffir, 1990).  Goliger and Retief (2007) suggest that structures with a lack of 
engineering input are more prone to wind damage.  According to Tamura (2009), the number 
of fatalities related to wind disastrous events in Japan decreased over recent years, and can 
likely be attributed to improved wind-resistant designs and construction technologies.  A report 
on a tornadic event that occurred in South Carolina mentions that inadequate roof anchoring is 
the main cause of roof failures (Sparks, 1985). 
1.3.2 Revision of the South African National Standards 10160-3: Wind Loading 
The South African loading codes concerned with wind loading were recently revised due to 
uncertainties in free-field wind speeds (Botha, Retief and Viljoen, 2018).  The data source of 
previous wind maps, provided in older revisions, was recorded from less than 20 anemometers 
- mostly situated in large cities (Goliger, Retief and Kruger, 2017).  The uncertainties in the 
free-field wind speed of previous maps were due to linear interpolation of data over large areas 
between the weather stations (i.e. insufficient spatial coverage).  The most recent code contains 
wind map data that was collected and compiled by recording wind speeds from 124 weather 
stations across the country for a period of 10 years (Kruger, Pillay and Van Staden, 2016).  
Figure 1.2 indicates the locations of current weather stations in South Africa.  The updated 
wind map is contained in the latest revisions of the South African wind loading code SANS 
10160-3 (SABS Standards Division, 2018b).  The adjustments to the loading codes may have 
a significant impact on the South African built environment, especially for buildings 




Figure 1.2:  Locations of SAWS weather stations. 
(SAWS, 2020) 
1.3.3 Vulnerability of South African low-income houses 
Approximately 13.1% of South African residents reside in LIH as recorded in a survey enclosed 
in the General Household Report for 2017 (Statistics South Africa, 2018).  During the time of 
the survey, concerns were raised by the residents about the quality of the houses; 10.2% said 
that the walls of the buildings are weak and 9.9% regarded the roof of the house as weak.  The 
quality of materials and construction of houses and buildings is essential, as poor quality may 
lead to undesirable failures.  Figure 1.3 is an illustration of a typical South African LIH. 
 
Figure 1.3:  Typical low-income housing unit in South Africa. 
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LIH units from the same area are commonly duplicates of each other as illustrated in Figure 
1.4. The design and quality of workmanship and materials of the houses are all the same as 
they are generally constructed by the same contractor.  In such a case, if a house should fail, it 
can be assumed that the houses in the surrounding area will fail similarly. 
 
Figure 1.4:  Typical layout of low-income housing units. 
(Ndlovu, 2019) 
Roofs are generally flat, mono-pitched, duo-pitched, hipped, or uniquely shaped. The roofs of 
LIH are typically duo-pitched roofs with a tile or steel sheet finish, supported by 4-bay Howe 
timber truss supports.  Figure 1.5 illustrates the typical terminology of such roofs. For LIH with 
mono-pitched roofs, the roofs are supported on rafters that span between the supporting walls. 
Roof failures very often occur due to uplift of roof structures caused by external and internal 
wind pressures that act simultaneously on the roof (Tamura, 2009).  Tile roofs are much heavier 
than steel sheeted roofs and are less prone to uplift, due to the self-weight (mass of the tiles) 
that counteracts the uplift forces.  In addition, tile roofs produce smaller uplift reaction forces 
at the roof anchors due to steeper roof slopes and closer support spacing compared to steel 
sheeted roofs (Prasad, Uliate and Ahmed, 2009). 
 
Figure 1.5:  Terminology of typical roof truss system. 
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1.4 Problem statement 
The increased number of roof failures, reported during strong wind events, raises the question 
of whether the roof anchor systems for LIH with light roofs, as prescribed per SANS 10400-K 
(SABS Standards Division, 2015), are adequate under the South African wind climate. 
1.5 Research question 
The following questions will be addressed in the research: 
• Are the current prescribed methods for anchoring of roofs adequate for LIH under the 
South African Strong wind climate? 
• Are the roof failures during strong winds caused by poor workmanship and improper 
construction of LIH? 
1.6 Research aim 
The aim of this research is to determine the adequacy of the current prescribed roof anchors for 
South African LIH under the South African strong wind climate and provide recommendations 
for further research on the research topic. 
1.7 Research objectives 
The objectives of this research can be divided accordingly: 
• To determine the maximum reaction forces for the roof support structure of South 
African LIH units due to wind loading as determined per SANS 10160-3 (SABS 
Standards Division, 2018b). 
• To predict the structural response of the roof anchor systems that is prescribed in the 
latest revisions of SANS 10400-K (SABS Standards Division, 2015) with the focus on 
LIH with light roofs and walls constructed from single leaf solid brick or hollow block 
walls. 
• Discuss the adequacy of the current roof anchor systems from the observations made 
by comparing the determined reaction forces at the anchors to the predicted resistance 
of the roof anchor systems. 
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1.8 Delimitations of the research 
The delimitations of this study are listed below: 
• This study was limited to South African design standards and codes. 
• The wind loading was calculated based on the dimensions of typical LIH units. 
• Topography effects with regards to wind loading were not included in this study. 
• The study focussed on prescribed roof anchors for light roofs supported on single leaf 
masonry walls. 
• Roof anchor systems for unreinforced solid brick and hollow block walls were 
investigated and were limited to the prescribed systems per SANS 10400-K (SABS 
Standards Division, 2015). 
• The study did not include the possible effects of the use of brick-force and plastering 
of walls on the response of the roof anchor system. 
• Lateral wind loads that may act in combination with the vertical reaction forces from 
the roof anchor system on the masonry walls were not accounted for. 
• Only a portion of the walls was modelled, the effect of continuity of the wall were 
neglected. 
• This study only considered numerical methods; no experimental work was done. 
1.9 Overview of research methodology 
The study was conducted through quantitative research. The methodology of the research is 
divided into two main parts: 
The first part concerns the prediction of the peak wind reaction forces that are expected to occur 
at the roof anchor systems.  Static analyses were conducted and the data required for the 
analyses were obtained from exiting literature and local standards. 
The second part concerns the prediction of the roof anchor system’s response through FEA 
models.  Research required for the FEA modelling were obtained from existing literature and 
local- and international standards.  The research was mostly focussed on validated methods for 





1.10 Layout of minor-dissertation 
The layout of the document can be described as follows: 
Chapter 1 introduces the topic and provides the background, motivation, objectives, scope, 
and layout of the Minor-Dissertation. 
In Chapter 2, a literature study was carried out.  The literature gives an overview of current 
knowledge in the areas of interest to the topic.  
The methodology of this study is provided in Chapter 3. This chapter provides the research 
philosophy, paradigm, and approach adopted for the study. A brief description of the methods 
for data collection is also provided in this chapter. 
Chapter 4 concerns the analysis and determination of the reaction forces that is expected to 
occur at the roof anchor systems due to wind uplift. 
In Chapter 5, the response and resistance of the roof anchor systems is predicted through a 
series of FEAs. 
In Chapter 6, the adequacy of the roof anchor system is determined. This involves a 
comparison of the determined reaction forces at the roof anchor systems to the predicted 
resistance of the roof anchor systems. This chapter also provides a detailed discussion of the 
findings. 
Chapter 7 provides a summary of the main findings of the study and recommendations for 
further studies in the area of this study are discussed. 
Appendix A provides the calculations of the wind pressures that were applied in the static 
analysis for the determination of the reaction forces at the roof anchor systems. 
The validation of the reaction forces obtained from the static analysis through structural design 





2.1 Chapter overview 
This chapter aims to give an overview of the current knowledge of the aspects involved in 
determining the adequacy of roof anchor systems for South African LIH.  First, an overview 
of the South African strong wind climate is given.  Wind loading on the roofs of low-rise 
buildings is discussed next, followed by wind-induced damage to low-rise buildings.  Next, an 
explanation of the clauses from the SANS and the NBR that is relevant to the topic is given.  
This is followed by an overview of LIH in South Africa.  Thereafter, the current methods for 
roof anchoring systems are discussed.  This is followed by an overview of the structural aspects 
of masonry that includes the main engineering properties of structural masonry and FEA 
techniques for determining the response of masonry structures.  Finally, an overview is given 
of the anchorage of steel bars embedded in concrete. 
2.2 South African strong wind climate 
South Africa has a unique but complex and diverse climate.  South Africa’s climate ranges 
from subtropical in Kwazulu-Natal and Mediterranean in the southern part of the Western Cape 
to the Kalahari Desert located in the Northern Cape (Goliger, Retief and Kruger, 2017). 
Inland and coastal winds are the two main different types of strong winds that are experienced 
in South Africa.  Strong inland winds are normally a result of severe convective activity.  Hot 
air moves up, cools down, and saturates to form a cumulus cloud.  The cloud grows into a 
thunderstorm cell with strong wind discharged at ground level.  Strong wind events such as 
tornadoes and downbursts can be produced during a thunderstorm.  Thunderstorms are 
classified as weak/moderate, strong, or intense thunderstorms.  Strong winds caused by 
thunderstorms occur over short duration periods, generally two to three-second gusts.  Coastal 
winds are caused by frontal low-pressure systems along the coastal areas.  Convective activities 
may in some cases be present and in extreme cases, tornadoes may be produced.  The most 
severe coastal winds experienced in South Africa are those that occur in winter and can reach 
up to 50 m/s wind speeds (Goliger and Retief, 2002). 
11 
 
The extent of the area of damage caused during thunderstorms (also known as the footprint) 
depends on factors such as the duration and travel speed of the thunderstorm.  In South Africa, 
weak to moderate thunderstorms last for about a half-hour and travels about 20 km/h whereas 
strong thunderstorms last about up to 1-hour and travels at speeds between 25-30 km/h as used 
by South African meteorologists.  As for intense thunderstorms, no such information is 
available although a 2-hour duration is suggested at a travel speed of 30 km/h (Goliger, 2002).  
Figure 2.1 illustrates the typical extend of areas subjected to strong winds during a 
thunderstorm as used by South African meteorologists.  It can be noted that the strongest wind 
occurs in the centre along the path of the thunderstorm.  For an average intense thunderstorm 
that covers a total area of around 2000 km2, it can be calculated that only a relatively small area 
of 200 km2 will experience wind speeds in excess of 25m/s (Goliger and Bradley, 2018). 
 
Figure 2.1:  Extend of area of strong winds during a thunderstorm. 
(Goliger and Bradley, 2018) 
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Wind speeds larger than 40 m/s is in the range of design wind speeds suggested by the SANS 
10160-3 (SABS Standards Division, 2018b) and are experienced only in the actual wrath of a 
tornado (Goliger and Bradley, 2018). 
A tornado generally consists of a strong, rotating, funnel-shaped column of wind that extends 
from the base of the thunderstorm down to the ground surface and generally lasts for less than 
10 minutes although some tornados can last up to an hour.  The funnel observed during a 
tornado is due to condensation and is made up of water droplets together with flying dust and 
debris picked up by the tornado.  A tornado usually covers a smaller spatial area but generates 
much higher wind speeds compared to a hurricane (Rima and Taher, 2019). 
Extreme wind events such as tornadoes can have a devastating impact on structures and 
buildings.  The wind velocity and direction are inconsistent during such an event.  Objects in 
the path of such winds are blown away or collected by the wind.  Objects carried by the strong 
wind (debris) will collide with other objects and structures along the wind path, causing 
damage.  Roofs and roof elements tend to blow off due to the presence of uplift wind pressure 
(Rima and Taher, 2019). 
Tornadoes are experienced across South Africa, although tornadoes mostly occur inland, they 
have been reported along the coastline. A database on tornado occurrence in South Africa has 
been developed by Goliger and Retief (2002), that is based on detailed analyses of the 
confirmed tornado events.  The analysis resulted in the identification of about one hundred F-
0 and F-1 tornadoes, about fifty F-2 tornadoes and fifteen F-3 tornadoes. About fifty of these 
tornadic events caused human injury and loss. 
A devastating tornado struck Welkom in 1990, resulting in over a R100 million in damages.  
The width of the tornado was about 1 km to 1.7 km which implies an F-5 tornado. However, 
the damage pattern does not agree with such an event.  Similarly, a tornado with a patch of 
about 170 km stretched from Hanover in the Northern Cape to Trompsburg in the Free State in 
1976. The extent of damage caused by this tornado also did not correspond to an F-5 tornado.  
These events highlight the important role that the location of the tornado plays on the extent of 
damage caused.  Tornadoes that occur in largely populated areas will cause damage to a much 
greater extent than tornadoes with higher peak wind speeds in unpopulated or undeveloped 




2.3 Wind loading on the roofs of low-rise buildings. 
A low-rise building in structural design generally refers to a building with an aspect ratio 
(height/breadth) of less than one.  Low-rise buildings are the most common type of buildings 
and are constructed in all types of terrain categories.  General residential houses are a common 
type of low-rise building (Prasad, Uliate and Ahmed, 2009).  The roofs of residential houses 
are commonly flat, mono-pitched, duo-pitched (gable roof), or hipped. 
At first, the concept of wind loading was considered by engineers to act only horizontal.  A 
more intricate idea of wind force distribution became familiar as research in the field of wind 
loading progressed gradually.  In recent understanding, the wind is applied perpendicular to all 
surfaces; both pressure and suction (negative pressure) is considered as well as internal and 
external pressures (Newman, 2015).  The most recent understanding of wind loading is codified 
in national regulating standards.  Most countries hold unique standard-based wind loading, 
originating from local and international research.  The defined characteristic loading values 
from the standards are calibrated based on the understanding of local climates and reliability 
studies. 
Wind loading is commonly the most important design load to consider in the design of low-
rise buildings, especially in places where seismic design is redundant.  Common wind failures 
on low-rise buildings such as residential houses are caused by roof uplift and gable wall 
failures.  The strength of roofs and walls of low-rise buildings is mainly governed by wind 
loads, especially in areas of severe wind such as open terrains, coastal areas, and hill summits 
(Goliger and Bradley, 2018).  Much research on the topic of aerodynamic wind effects on low-
rise buildings has been carried out in the past to investigate the factors that influence wind 
pressure on roofs and walls of low-rise buildings. 
Prasad, Uliate and Ahmed (2009) carried out boundary layer wind tunnel testing of low-rise 
building models that had flat, gabled, and hipped roofs.  They investigated pitch angles of 15°, 
20°, 30°, and 45° for the gabled and hipped roofs.  From their study, they concluded that the 
suction was worst on the flat roof while the 45° gable and hipped roofs perform the best under 
similar wind conditions with a peak suction over the roof reducing by 85% and 91% 
respectively compared to the suction over the flat roof. 
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Gavanski et al. (2013) examined the effect of several parameters on the wind loading acting on 
the roof sheeting of low-rise wood-frame houses.  These parameters included roof shape, roof 
slope, the height of the building, upstream terrain, and the presence of neighbouring structures 
organised in different patterns.  From their findings, they concluded that the most important 
parameters that affect wind loading on roof sheeting are the terrain type and the shape of the 
roof. The wind loads are lowest for houses build with hipped roofs in suburban terrain. 
Bitsuamlak et al. (2013) studied the reduction in suction pressure on low-rise buildings by 
using simple architectural elements.  They found that the use of trellises along the eaves can 
reduce wind suction pressure at the eaves by 25% and a further 45% pressure reduction is 
possible on the soffits and therefore, a reduction in the total uplift force on the roof. 
2.4 Wind induced damage to low-rise buildings 
Wind can damage buildings in the following ways (Newman, 2015): 
• Component damage – Part of the building fails for example the roof of the structure 
blows off, shattering windows, etc. 
• Total collapse – Lack of proper rigidity causes the entire building to collapse (structural 
failure). 
• Overturning – The building stays intact and tumbles over (loss of equilibrium) due to 
insufficient self-weight and anchorage of foundations. 
• Sliding – The building stays intact and shifts horizontally (loss of equilibrium) due to 
insufficient foundation anchorage. 
Goliger and Retief (2002) suggest that structures lacking engineering input fail at much lower 
wind speeds, as schematically illustrated in Figure 2.2.  According to Sparks and Saffir (1990), 
many masonry buildings, such as dwellings, that fail due to strong winds is due to the presence 
of empirical design procedures in codes and standards, and competitive nature of low-rise 




Figure 2.2:  Idealised comparison: wind damage of engineered vs non-engineered structures. 
(Goliger and Retief, 2002) 
The vulnerability of structural failure for houses are mainly based on the following factors 
(Goliger and Bradley, 2018): 
• Design – Concerns the surroundings, form, and orientation of the structure, distribution 
of structures, structural detailing, and the response of the structure. 
• Materials – Concerns factors such as strength, weight, stiffness, and durability of 
construction materials. 
• Workmanship/construction – Concerns the quality, accuracy, processes, and 
supervision of workmanship during construction.  
An example of structures that lack engineering input is the typical shelters built in informal 
settlements that are constructed from timber frames and metal sheeting.  These structures are 
very light in weight with a poor anchorage that makes it vulnerable to overturning or total 
collapse.  The inhabitants of these shelters typically make use of objects such as worn-out tyres, 




Figure 2.3:  Typical shelter making use of rocks to hold the roof down. 
(Mabuya and Scholes, 2020) 
Table 2.1 presents wind-induced damage and their suggested on-set wind speeds as 
summarised by Tamura (2009).  The data indicates that overall roof lift-off occurs at 45 m/s 
wind gusts. However, Goliger and Bradley (2018) suggest that damage to non-engineered 
buildings commonly occurs at wind speeds of 30 m/s. 
Table 2.1:  Wind induced damage and their on-set wind speeds. 
 
(Tamura, 2009) 
Shattered windows and failure of door frames, resulting from extreme winds, create openings 
for wind into the building that increases the internal pressure.  As a result, the claddings 
experience uplift that can cause claddings to fail.  Cladding and components are usually the on-
set of wind-induced damage to buildings.  However, design engineers often undervalue the 
importance of cladding and components design and thus little attention is given to the design 
of these components.  The wind-induced damage gradually increases until the roof completely 
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erodes.  However, if the pressure on the claddings is maintained and the roof anchors are 
inadequate, it will cause the entire roof to blow off.  Damaged cladding or blown off roofs may 
become wind-borne debris that can damage other structures as it travels downstream. Figure 
2.4 gives a schematic illustration of the wind-induced “damage chain” for low-rise buildings 
as suggested by Tamura (2009). 
 
Figure 2.4:  Wind induced damage chain. 
(Tamura, 2009) 
A set of rules were stipulated by Somayaji et al. (1995) to increase the wind resistance of 
sheeted roofs, that includes: 
• Adequate size and type of bolts. 
• The correct arrangement, location, and number of bolts depending on the location of 
the sheeting on the roof. 
• Adequate washers. 
• Utilising sheets with adequate punching, shear, and bending capacity. 
• Adequate anchoring of roof structure to supporting wall. 
In the case of entire roof lift-offs or parts thereof, the optimal mitigation measure is to install 
adequate anchorage to supporting walls and where lightweight walling is used, the anchorage 
of walls to foundations is also crucial.  Figure 2.5 to Figure 2.7 presents photos of wind damage 




Figure 2.5:  Entire roof blown off and upper part of brick wall torn off. 
(Goliger, 2002) 
 
Figure 2.6:  Failure of part of roof and walls due to inadequate roof anchorage. 
(Goliger, 2002) 
 




The weakest components of masonry houses with timber truss roof construction are generally 
observed as (Goliger and Bradley, 2018): 
• Gable walls. 
• Lateral bracing of roof trusses or the absence of lateral bracing of roof trusses. 
• Edges and ridges of roofs. 
• Inadequate fixing of roof sheeting 
• Anchoring of roof trusses. 
2.5 Low-income housing in South Africa 
Since 1994, the South African government has implemented several housing-development 
programmes.  The government’s vision as stated in the National Housing Code is to promote 
sustainable housing and sustainable urban environment.  Sustainable housing means houses 
that are built more socially, economically, and environmentally sustainable.  These houses are 
meant to provide the basic human needs for shelter and security.  Due to poverty, 
unemployment rates, and South Africa’s fast-growing population, these houses are designed to 
be cost-effective and affordable.  These houses are referred to as low-income houses 
(Ogunfiditimi, 2008). 
A major concern in the development of LIH is the poor quality of construction.  Lack of 
supervision and inspection by a competent authority during the development of LIH lead to 
poor quality construction and the use of substandard materials (Ogunfiditimi, 2008).  The 
contractors often attempt to save on costs by using less cement in the mortar mixes that 
ultimately leads to weaker masonry walls.  Another concern is the use of poorly skilled workers 
that are more affordable but are not capable of delivering the necessary quality of 
workmanship.  Saving on material and construction costs will result in unacceptable quality 
materials or workmanship that jeopardize the required structural integrity and durability of the 
structure (Ogunfiditimi, 2008).  Figure 2.8 presents a photo that shows large cracks in the wall 
due to construction defects observed from the inside of a South African low-income house. 
Figure 2.9 and Figure 2.10 presents photos of poor masonry construction practice observed 




Figure 2.8:  Large cracks observed in walls of low-income house due to poor construction. 
(Rekord, 2018) 
 
Figure 2.9:  Poor brick construction observed of a low-income house. 
(Rekord, 2018) 
 
Figure 2.10:  Poor quality masonry construction of South African low-income house. 
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Various research studies outline the causes of poor-quality housing.  The Building Research 
Establishment (BRE) aims the major cause of defects in buildings towards the faulty design 
and poor quality of construction (Othman and Mydin, 2014).  According to Cook and Hinks 
(1992), the factors that are responsible for the structural instability of buildings are: 
• Improper soil investigation 
• Inadequate design 
• Unforeseeable loading 
• Unforeseeable environmental conditions 
• Use of substandard materials 
• Poor supervision 
• Poor workmanship 
• Inadequate maintenance 
In 2008, the Anti-Privatisation Forum (APF) raised concerns about the quality of LIH in South 
Africa (at the time known as RDP houses).  The concerns were raised after an incident occurred 
that involved the collapse of a house in the Maruleng area that resulted in the death of a mother 
and injuring her two children.  A photo of the house after the collapse is presented in Figure 
2.11.  From close observation of the photo, it was noted that the metal sheeted roof was 
anchored with wires.  This anchoring method is inadequate for anchoring of light roofs per 
SANS 10400-K (SABS Standards Division, 2015).  The powerful storm left many families 
homeless.  The APF stated in a report that evidence of people’s dissatisfaction with the quality 
and size of the LIH is growing.  The Limpopo MEC for local government at the time stated 
that the province’s LIH are properly inspected and approved.  The area municipality’s disaster 
management officer stated that good quality houses were damaged and that the storm seems to 




Figure 2.11:  Roof structure ripped off and destroyed during thunderstorm. 
(Sangonet, 2008) 
Zunguzane, Smallwood and Emuze (2012) conducted a survey in a post-1994 township in Port 
Elizabeth in the Eastern Cape to obtain the perceptions of the quality of LIH in South Africa.  
The questionnaires were handed to beneficiaries from Wentzel Park in Alexandria and housing 
contractors that were identified through the database of the National Home Builders 
Registration Council (NHBRC).  From the response of the beneficiaries, illustrated in Table 
2.2, the causes of defects are mostly attributed to the use of emerging contractors and unskilled 
labour.  Some of the major causes of the defects observed in LIH, as per the response of the 
contractors, are summarized in Table 2.3.  The workmanship seems to be the major cause, 
followed by contractors failing to correctly implement quality and building standards that focus 
on production instead of quality.  Some other major causes as per the contractor’s response are 
poor supervision, use of unskilled labour, and use of cheap and inappropriate materials. 
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Table 2.2:  Perception of beneficiaries for causes of defects. 
 
(Zunguzane, Smallwood and Emuze, 2012) 
Table 2.3:  Perception of contractors for causes of defects. 
 
(Zunguzane, Smallwood and Emuze, 2012) 
In many cases, roof anchors of LIH do not comply with the standards prescribed in SANS 
10400-K (SABS Standards Division, 2015).  Figure 2.12 illustrates the use of inadequate 
anchors used for LIH.  The photo indicates the use of wire strands to anchor the fibre-cement 
sheeted roof, while it is prescribed by SANS 10400-K (SABS Standards Division, 2015) to use 
a galvanised metal strap of 30 mm by 1.2 mm or 1.6 mm thick, to anchor light roofs, depending 
on the roof span and support spacing.  The wires used to anchor the roof to the support walls 
are visible on the gable walls of the house. 
1 2 3 4 5
Use of emerging 
contractors
4.7 11.6 0.0 16.3 32.6 34.9
Use of unskilled 
labour
9.5 19.0 2.4 7.1 16.7 45.2
Insufficient building 
funds from the 
government
35.9 7.7 2.6 17.9 15.4 20.5




1 2 3 4 5





0.0 3.5 6.9 3.5 37.9 48.3
Trying to save on 
materials
0.0 3.5 3.5 10.3 41.4 41.4
Focus shifted to 
production instead 
of quality
0.0 3.5 6.9 13.8 27.6 48.3
Poor site 
supervision
0.0 0.0 6.9 27.6 24.1 41.4
Use of unskilled 
labour




0.0 3.5 13.8 20.7 20.7 41.4
Use of emerging 
contractors








Figure 2.12:  Low-income housing unit with inadequate anchors for light roof observed on gable walls. 
(Opic, 2007) 
2.6 Roof anchor systems 
The roof anchor system of describes the elements that take part in the load path as loads from 
wind uplift on the roof are transferred from the roof supports to the walls.  Another important 
function of the roof anchor system is that they provide out-of-plane resistance to the supporting 
walls against lateral loads caused by wind pressure.  The walls act as shear walls, in turn, 
providing out-of-plane resistance to the roof trusses.  Therefore, the roof structure and the 
supporting walls rely on each other for support (Sparks and Saffir, 1990). 
A robust roof anchor system describes one that is able to safely distribute the loads from the 
roof to the walls and into the foundation without failing or causing damage to the walls or other 
parts of the building.  
Roofs are anchored in different ways depending on the type of support wall. A common way 
of anchoring the roof support members to the wall is by providing a bond beam, filled with 
concrete or mortar at the top of the wall and fixing the roof using gusset angles, ties with 




Figure 2.13:  Means of fixing roof support structure to bond beam. 
(International Code Council, 2014) 
The South African standard practice for anchoring roofs is prescribed by SANS 10400-K 
(SABS Standards Division, 2015).  The roof anchor system for houses with light roofs, built 
with single leaf solid brick walls, comprises of an anchor strap tied around and fixed to the roof 
support at its upper end and embedded into the masonry joint at least 600 mm from the top of 
the wall.  For houses built from hollow blocks, the lower end of the strap is embedded at least 
600 mm into the hollow core of the masonry blocks that is then filled with concrete.  Figure 
2.14 illustrates the anchor systems for the single leaf walls, constructed from solid bricks (a) 




Figure 2.14:  Illustration of roof anchor systems: a) solid bricks. b) hollow bricks. 
2.7 Structural aspects of masonry 
Masonry consists of two components: bricks or blocks (referred to as units) and mortar.  The 
mortar is used to transfer compressive, tensile, and shear forces uniformly between the units.  
Masonry brick units are available in different standard sizes and different materials such as 
clay, calcium silicate, or cement units.  Units may be manufactured in a variety of forms such 
as solid-, frogged-, cellular-, perforated- or hollow units. 
The most common masonry units used for the construction of LIH is made from concrete. 
These units are known as Cement Masonry Units (CMUs) and are available in the form of 
“Maxi” bricks or hollow blocks.  The “Maxi” brick is a 290 mm long, by 140 mm wide, by 90 
mm high solid CMU.  The “Maxi” bricks are mostly used inland, while hollow blocks are used 
in coastal regions due to their superior great thermal properties and resistance against wet 
climates.  Hollow block comes in different sizes but are commonly available as 390 mm long 




CMUs in the form of the “Maxi” brick and hollow blocks used for LIH construction are popular 
due to several advantages as listed below (Fourie, 2017): 
• Economical 
• Reduced number of materials and components due to their relatively large size 
• Quicker construction times 
• Thermal and sound resistance 
• Socially acceptable 
In modern construction, masonry offers usage in a wide variety of architectural and structural 
applications such as walls, arches, domes, beams, and columns.  Today, masonry construction 
is used in a diverse range of structures and applications such as houses, multi-storey buildings, 
and industrial and communal buildings (Crofts and Lane, 2011).  Masonry walls are commonly 
constructed as single leaf walls, collar jointed walls or cavity walls depending on the purpose 
and performance requirements of the wall. 
The popular use of masonry is attributed to its compressive strength, durability and self-weight, 
the latter aids in the resistance of lateral forces mainly caused by wind pressure.  Although 
masonry structures may seem simple, the interface between the brick face and mortar makes 
the design of masonry structures quite complex.  Proper masonry construction also requires 
experienced and skilled builders, as the strength of masonry structures is greatly dependent on 
the quality of construction.  Factors such as alignment and straightness of the wall, as well as 
uniformity of the joint thickness, can significantly affect the structural capacity of the wall.  
The current South African Standards prescribes four safety factors that depend on the degree 
of construction and quality control (SABS Standards Division, 1987).  These factors are based 
on British Standards with slight modifications to compensate for local conditions. A study by 
Mahachi, Khanye and Goliger (2007) suggests that the material factors be reviewed based on 
research by the NHBRC that was in progress during the time of the study.  The motive for the 
review of the safety factors is driven by the sudden increase of construction activity.  Emerging 




2.7.1 Mechanical properties of masonry 
In general, research on the mechanical properties of masonry includes compressive strength, 
shear strength, and elastic modulus.  Research concerning tensile strength and mechanical 
fracture energy is more limited. 
2.7.1.1 Masonry compressive characteristics 
The compressive strength criterion of masonry is probably the most general engineering 
material property used in the design of ordinary masonry structures.  The compressive strength 
of masonry is a function of the combined compressive strengths of its constituents i.e. the 
compressive strength of the masonry units and mortar. 
To exclude other factors such as slenderness and aspect ratios of the wall from the compression 
strength of the wall, the combined compression strength of the bricks and masonry are 
determined through constructing a masonry prism for testing.  The prism strength (𝑓𝑘) is 
determined through a uniaxial compressive test.  The test setup is illustrated in Figure 2.15.  
The lower bound value of the prism compressive stress can be estimated as a function of the 
mortar and unit characteristic strengths by the relationship suggested by Eurocode 6 (BS EN 
1996-1-1, 2005), as expressed in Equation 2.1. 
 
Figure 2.15:  Masonry prism uniaxial compressive test. 
(Kaushik, Rai and Jain, 2007) 




𝑓𝑘 denotes the unit compressive strength 
𝑓𝑚 denotes the mortar compressive strength 
𝐾 is a constant factor taken as 0.5 
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Kaushik, Rai and Jain (2007) conducted research on the compressive strength of masonry 
prisms and proposed a model for predicting the ultimate compressive strengths, failure strains, 
and stress-strain curves of masonry prisms under uniaxial compression.  The results of the 
proposed model predicted the compressive strength within an acceptable range compared to 
experimental results.  The stress-strain relationships of masonry prisms can be related to that 
of concrete through the fact that masonry and concrete are both brittle materials.  Many studies, 
therefore, have proposed numerical models for estimating masonry prism strengths based on 
the stress-strain relationship of concrete. 
Abdulla, Cunningham and Gillie (2017) studied the response of masonry shear walls through 
FEA techniques.  The compressive strength of the masonry defined in their study were based 
on numerical models for determining the stress-strain relationship of concrete.  The results 
obtained from their study agrees with experimental tests. 
Santos et al. (2017) studied the behaviour of masonry prisms, constructed from hollow blocks, 
through FEA techniques.  The compressive- and tensile stress-strain relationship of the 
masonry and mortar, defined in their research, were based on the stress-strain relationship of 
concrete. Their results closely resembled the observations made through experimental studies. 
Zhenhai (2014) proposed a model for predicting the complete stress-strain curve of plain 
concrete under uniaxial compression in that the ascending and descending branches are 
continuous at the peak point.  The stress-strain relationship remains elastic until 30% of the 
ultimate load. Beyond this point, the stress-strain curve is no longer defined by a linear 
relationship and resembles the onset of crack propagation within the concrete.  A generic curve 
presenting the behaviour of concrete under compression is presented in Figure 2.16.  
 
Figure 2.16:  Generic stress-strain curve of concrete under uniaxial compression. 
(Thamboo and Dhanasekar, 2016) 
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2.7.1.2 Tensile bond strength of masonry brick-mortar interface 
Masonry structures are weak in tension, most design standards disregard the tensile bond 
strength of mortar, although, it does have some tensile resistance in the horizontal plane and 
somewhat less in the vertical plane.  Masonry walls rely on the tensile bond strength between 
the units and mortar to resist out-of-plane loading that introduces flexural stresses in the outer 
fibres of the masonry joints. 
Tensile bond strength is often determined by means of the stack-bond couplet test illustrated 
in Figure 2.17.  Data recorded from these tests indicate that the tensile bond strength is between 
one-third and two-thirds of the parallel flexure strength (Illston and Domone, 2004).  A study 
by Reddy and Gupta (2006) found the tensile bond strength of masonry joints to be in the range 
of 0.06 to 2.5 MPa.  Their study also found that the moisture content of the units has a great 
effect on the tensile bond strength of the joints.  Their study concluded that completely dry or 
fully saturated bricks leads to lower bond strength values. The optimum moisture content for 
masonry units according to their study is 75% of full saturation. 
 
Figure 2.17:  Stack-bond couplet tensile test. 
Miles (2004) performed a study on the bond strength characteristics of brick-mortar interfaces.  
According to his results, the average bond strength for a generic mortar mix with a 1:6 cement 
to sand ratio (equivalent to Class II mortar) is 0.09 MPa with a standard deviation of 0.015 and 
a coefficient of variance of 17%.  
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Characteristic parallel flexural strength values for masonry suggested in the South African 
Standard for design of unreinforced masonry walling (SABS Standards Division, 1987), ranges 
from 0.15- to 0.5 MPa for Class II mortar mixes.  It can be noted that when the tensile strength 
is taken as one-third to two-thirds of these values for the parallel flexural strength, as suggested 
by Illston and Domone (2004), it falls within the range with the values obtained by Reddy and 
Gupta (2006) of 0.06 to 2.5 MPa. 
Zhenhai (2014) proposed a numerical model for a complete stress-strain diagram of concrete 
under uniaxial tension.  The stress-strain diagram for plain concrete in tension remains linear 
up until the peak strength is obtained.  Beyond the peak point, the stress-strain curve exhibits 
plastic behaviour and descends abruptly until the point of fracture is reached.  A generic curve 
presenting the behaviour of concrete under uniaxial tension is presented in Figure 2.18. 
 
Figure 2.18:  Generic stress-strain curve of concrete under uniaxial tension. 
(Thamboo and Dhanasekar, 2016) 
2.7.1.3 Fracture mechanical properties of masonry brick-mortar interface 
The fracture energy of a unit-mortar bond describes the energy required to cause complete 
separation of the bond and is associated with the area under the traction-separation curve (the 
curve that describes the traction-separation response in the unit-mortar interface).  A typical 
traction-separation curve is presented in Figure 2.19.  The vectors t, δ, and K from the diagram 
represent the traction, separation, and joint stiffness vectors, respectively.  The subscripts “n”, 
“s”, and “t” represent the normal, first shear and second shear directions, respectively.  The 
symbol “GTC”, represents the value of the total area under the curve and is known as the 




Figure 2.19:  Traction-separation response of unit-mortar interface. 
(Abdulla, Cunningham and Gillie, 2017) 
Mode I fracture represents the fracture energy associated with traction separation in the normal 
direction.  The Mode 1 fracture energy (GI) values found for different unit-mortar combinations 
ranges between 0.005 N/mm and 0.035 N/mm.  An average value of 0.012 N/mm is suggested 
in the absence of information (Angelillo, 2014).  The wedge splitting test is often used to 
determine the fracture energy of the unit-mortar interface. The wedge splitting test is illustrated 
in Figure 2.20. 
 
Figure 2.20:  Wedge splitting test for determining fracture energy of unit-mortar interface. 
(Schneemayer et al., 2014) 
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Mode II and III fracture energy is associated with traction separation in the first and second 
shear directions, respectively.  The ductility index, given by the ratio between the fracture 
energy and cohesion for Mode II or Mode III fracture, ranges between 0.062 mm and 0.147 
mm for different combinations of units and mortar (Angelillo, 2014).  The values for Mode II 
and Mode III fracture energies of masonry constituents can thus be calculated from the ductility 
index. 
2.7.1.4 Shear strength of masonry brick-mortar interface 
Shear strength of masonry joints is another important design parameter in the design of 
masonry structures, such as masonry shear walls or buildings subjected to lateral and seismic 
loads.  The shear resistance of masonry joints follows a friction law with a static threshold. The 
formula for determining shear resistance (τ) for masonry joints is given by Equation 2.2. 
 𝜏 = 𝑐 + tan⁡(𝜙)𝜎 (2.2) 
where: 
𝑐 denotes the bond shear strength or cohesion 
𝜎 denotes the compressive stress acting in the direction normal to shear plane 
𝜇 denotes the friction angle 
Equation 2.2 is solved through data from experimental tests for specific combinations of mortar 
mixes and units in consideration.  The unknowns in the formula are determined with a Mohr-
Coulomb failure criterion by using the data obtained from the experimental tests.  After the 
shear stresses exceed the cohesion of the masonry joint, the joint will still provide resistance 
equal to the last term (dynamic friction) in Equation 2.2, also known as the penalty.  An 
indication of the characteristic values of the bond shear strength (c) is given in Eurocode 6 (BS 
EN 1996-1-1, 2005), as ranging from 0.1 to 0.4 MPa.  Angelillo (2014) recommends values 
for the friction angle (ϕ) of between 35⁰ and 50⁰ for different combinations of units and mortars. 
In the absence of data, a value of 0.75 is recommended (Angelillo, 2014).  Figure 2.21 presents 




Figure 2.21:  Mohr-Coulomb failure criterion. 
(Angelillo, 2014) 
Measuring of pure shear is problematic due to the tendency of introducing rotation in 
practically any experimental test setup.  The simple triplet test, illustrated in Figure 2.22, can 
be used as a test set-up, although, it does not provide accurate post-peak shear characteristics 
as the joints do not fail simultaneously.  Hence the couplet test in Figure 2.23 is recommended 
to determine the post-peak characteristics (Illston and Domone, 2004). 
 
Figure 2.22:  Triplet shear test. 
(Angelillo, 2014) 
 




2.7.1.5 Elastic modulus of masonry 
The elastic modulus refers to the stiffness of masonry and is considered as an important design 
parameter required for calculating stresses in the masonry that results from strains due to 
loading and movement constraints.  The elastic modulus is also referred to as the Young’s 
modulus and is probably the most commonly measured value for numerical calculations such 
as FEAs of masonry structures.  Young’s modulus of masonry (Ek) is usually measured through 
compressing the masonry and simultaneously measuring the strain parallel to the applied stress.  
Masonry is not ideally elastic due to the difference in stiffness values between the mortar and 
brick units and due to minor imperfections, such as micro-cracks in the bond layers.  Masonry 
is, therefore, defined as a heterogeneous anisotropic material (Lourenço, Rots and 
Blaauwendraad, 1995).  
Research suggests the value of Young’s modulus for masonry relates to ranges between 200 to 
1000 times the compressive strength of the wall (Zhenhai, 2014).  Eurocode 6 (BS EN, 1996-
1-1, 2005) proposes a value for Young’s modulus of a 1000 times the masonry compressive 
strength as is expressed in Equation 2.3. 
 𝐸𝑘 = 𝛼𝑓𝑘 (2.3) 
where: 
𝛼 is a proportionality factor taken as 1000 
2.7.2 Load spreading and failure paths in masonry structures 
The bricks of most modern, single leaf, masonry walls are placed in such a way that each unit 
overlaps half the length with the units that it is built on below, this is known as the stretcher 
bond.  If a downwards load is applied on top of a stretcher bond wall, the compressive load 
spreads outwards as the load is transferred between layers due to the nature in that the brick 
units overlap (Illston and Domone, 2004).  This load transfer mechanism is illustrated in Figure 
2.24.  Structural failure of overstressed masonry walls usually displays diagonal stepped cracks 
or vertical cracks running through the wall, as illustrated in Figure 2.25. The masonry joints 
are assumed to be the failure path in general masonry structures, although, the overlapping of 
units in bonded masonry restrains the propagation of vertical cracks. Vertical cracks will 





Figure 2.24:  Load path in masonry wall under vertical downward loading. 
 
Figure 2.25:  Common failure paths in general masonry structures. 
2.7.3 Masonry units 
Extensive research with regards to the compressive strength of masonry units has been carried 
out internationally due to its popular use.  CMUs have the same constituents as conventional 
concrete and therefore behave in a similar way.  The major difference is in the manufacturing 
process of concrete masonry units that results in a material with lower strengths, slightly less 
density, and a rough exterior surface that allows for good bonding with mortar (Owens, 2009). 
Masonry bricks are manufactured to achieve a required nominal compressive strength.  In 
South Africa, solid brick CMUs of 7 to 21 MPa and hollow block CMUs of 3.5 MPa nominal 
compressive strength are generally available.  Locally, the compressive strength of CMUs is 
determined through a compression test, as prescribed by SABS Standards Division (2008).  The 
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tensile strength and fracture mechanical properties of masonry units are important to consider 
in the FEA of masonry structures.  The fracture energy of brittle materials such as concrete 
masonry units represents the cracking resistance and fracture toughness of the material (Fourie, 
2017). Both the tensile and fracture energy can be obtained by the wedge splitting test.  The 
elastic modulus and the Poisson’s ratio of masonry units are often determined as this influences 
the overall behaviour of the masonry structure.  The cohesion and friction coefficient between 
specific units and mortar is important parameters to consider in the FEA of masonry structures, 
as the resistance of the slip plane between units and mortar greatly depends on these values. 
Fourie (2017) carried out experimental tests on the mechanical properties of masonry units 
made from concrete and alternative materials.  He investigated the compressive strength, elastic 
modulus, poison’s ratio, fracture energy, tensile strength, density, and unit-mortar bond shear 
strength of CMUs (and alternative bricks), as well as the elastic modulus and compressive 
strengths of brick wallets.  A summary of the outcome of his research, with respect to the 
engineering properties of CMUs, is presented in Table 2.4. 
Table 2.4:  Properties of CMUs experimentally obtained. 
Material Property  Results (Fourie, 2017) 
28 Day Compressive Strength of Unit  12.09 MPa 
Modulus of Elasticity  17900 MPa 
Tensile Strength  0.14 MPa 
Mode I Fracture Energy  0.121 N/mm 
Unit-mortar Interface Initial Shear Strength  0.172 MPa 
Unit-Mortar Interface Friction Coefficient  1.17  
Compressive Strength of Masonry Wallet  5.5 MPa 
Modulus of Elasticity of Masonry Wallet  15700 MPa 
2.7.4 Mortar 
Mortar acts as the bonding layer between masonry units, thus the quality of mortar plays a vital 
role in the strength of any masonry.  The primary function of mortar is to provide bedding for 
laying the masonry units, it bonds the units together to provide strength and seal the joints 
against moisture penetration.  Mortar accounts roughly for 7% of the volume of a wall, this is 
a small percentage compared to the influence it has on the performance of the wall (Lane, 
2007).  Mortars with a ratio of cement:lime:sand (C:L:S) are expected to provide bond strengths 
ranging from 0.2 MPa to 1.1 MPa (Illston and Domone, 2004). 
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The compressive strength of mortar depends mainly on the quality the of mortar (mix design).  
The quality of the mortar is defined as Class I, Class II, and Class III in South Africa, with 
Class II mortar being the most widely used.  The class of mortar is defined by the mortar’s 
C:L:S, with Class I having the highest ratio of cement content to lime and sand.  The 
compressive strength of mortar may be determined through a general cube crush test.  General 
values for the compressive strength of hardened mortar with a C:L:S similar to Class II mortar 
ranges between 2 MPa and 12 MPa (Illston and Domone, 2004). 
2.8 Finite element analysis of masonry components 
Finite element analyses of masonry structures are complex to analyse and understand due to 
the heterogeneous anisotropic behaviour.  However, numerical models offer a feasible and 
sustainable alternative to physical testing of masonry components that successfully simulate 
the linear and non-linear behaviour.  Finite element techniques that successfully captures 
complex structural behaviour of masonry walls have continuously evolved over the past four 
decades (Abdulla, Cunningham and Gillie, 2017). 
Finite element analyses of masonry structures are based on two main modelling approaches, 
known as the Macro-modelling and Micro-modelling and approach.  The choice of approach 
is based on the accuracy of results required and the size of the component or structure that will 
be modelled (Lourenço, Rots and Blaauwendraad, 1995). 
The Macro-modelling approach, presented in Figure 2.26, is used for relatively large masonry 
structures such as support walls for multi-storey buildings, where the global response is of 
interest.  Local failure cannot be captured using this approach.  In the Macro-modelling 
approach, the masonry components are modelled as continuum elements of homogenous 
material.  The engineering and general material properties are obtained from the average values 
of the properties of the brick units and the mortar. 
 
Figure 2.26:  Macro-model approach. 
(Abdulla, Cunningham and Gillie, 2017) 
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In the Micro-modelling approach, presented in Figure 2.27, the brick units and the mortar are 
both modelled as continuum elements and the interfaces between the brick units and mortar are 
modelled as discontinuum elements.  This approach can be modelled in fine detail and provide 
accurate results, although, it is usually used for modelling relatively small elements due to 
intensive computational effort and time.  The major advantage of the Micro-model approach is 
that it allows for separate non-linear deformation and local failure of the brick units and the 
mortar (Tzamtzis and Asteris, 2003). 
 
Figure 2.27:  Micro-model approach. 
(Abdulla, Cunningham and Gillie, 2017) 
A third modelling approach is derived from the Micro-model approach, known as the 
Simplified Micro-model approach, presented in Figure 2.28.  This method considers the brick 
units to be expanded brick units by adding the mortar joint thickness to the dimensions of the 
brick size.  The brick units are modelled as continuum elements while the mortar joints between 
the brick units are modelled as discontinuum elements.  This modelling approach is a practical 
alternative to the Micro-model approach as it can also capture detail such as local failure with 
less computational effort and time (Abdulla, Cunningham and Gillie, 2017). 
 
Figure 2.28:  Simplified Micro-model approach. 




2.8.1 Elastic response of masonry 
The elastic region of masonry is defined by the initial straight portion on the engineering stress-
strain curve.  In the elastic region, the stress is directly proportional to the strain.  Stresses at 
any point can be obtained in the elastic region through this relation. Similar to plain concrete, 
masonry is considered to behave elastically up until about 30% of its peak strength, thereafter, 
it starts to exhibit plastic behaviour (Santos et al., 2017). 
2.8.2 Plastic response of masonry 
Masonry is a composite material constructed from units and mortar and is defined through 
anisotropic behaviour.  The units and hardened mortar are both brittle materials.  This implies 
that the amount of energy required to cause fracture of the material is much less than that 
required for ductile materials such as steel. Brittle materials fail abruptly when the stress limit 
in the material is overcome. 
Irreversible deformations, also known as plastic strain results from dislocations at the atomic 
scale due to stress levels in the material that has passed the threshold value known as the yield 
stress of the material.  A fundamental hindrance within the field of plasticity theory is the 
mathematical formulation of the stress-strain relationship that can accurately provide the plastic 
strain behaviour through loading and unloading of the material, as well as to predict the onset 
of plastic behaviour through adopting an appropriate yield criterion (Agüera, Tornello and 
Frau, 2016).  Conventional FEA software such as Abaqus provides tools for effective 
formulation of stress-strain relationships through the use of plasticity models. 
The Drucker-Prager (DP) plasticity model that was originally developed by Drucker and Prager 
(Drucker and Prager, 1952) as a generalisation of the Mohr-Coulomb criterion to predict failure 
stress of frictional materials was modified by Mastilovic and Knap (1996), to include the 
compressive yield criterion under hydrostatic compaction pressure.  This model can be used to 
simulate the compressive non-linear (crushing) behaviour of concrete (Abdulla, Cunningham 
and Gillie, 2017).  Another plasticity model used to represent the mechanical behaviour of 
brittle materials, is the Concrete Damage Plasticity (CDP) model.  This model is an adaption 
of the DP model.  The CPD model allows the isotropic hardening and softening of materials 
through damage variables “dt” and “dc”, relating to tensile damage (cracking) and compression 
damage (crushing), respectively.  These variables range from zero for undamaged to one for 
total damage (complete loss of load-bearing capacity).  It is convenient to assume that the 
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stiffness degradation occurs in the post-peak region of the stress-strain curve as shown in 
Figure 2.29 for compression and Figure 2.30 for tension (Santos et al., 2017).  
 
Figure 2.29:  Stress-strain diagram - stiffness degradation of material through damage parameter dc. 
(ABAQUS, 2017) 
 
Figure 2.30:  Stress-strain diagram - stiffness degradation of material through damage parameter dt. 
(ABAQUS, 2017) 
2.8.3 Elastic behaviour of joint interfaces 
The initial response of the joint interfaces between the units and mortar can be expressed in the 
form of a general elastic stiffness matrix.  The response of the joint interfaces in the elastic 
range (before damage occurs) is based on a linear traction separation relationship.  The traction 














) = 𝑲𝜹 (2.4) 
where: 
𝒕 denotes the traction vector 
𝑲 denotes the stiffness matrix 
𝜹 denotes the separation vector (displacement) 
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The subscripts “n”, “s” and “t”, that appear in Equation 2.4, denote the normal (tensile) 
direction, first shear direction, and second shear direction, respectively. 
2.8.4 Plastic response of joint interfaces 
Damage initiation of the masonry joints occurs when the user-defined traction damage criterion 
is achieved.  The traction damage initiation is defined in terms of the shear and tensile strength 
of the joints.  At the instant that damage initiates, the response of the masonry is no longer 
linear.  The damage criterion is achieved when the sum of the quadratic stress (shear and 
tensile) ratios is equal to the value of 1.  Tensile cracking is defined by the user-defined tensile 
strength of the brick-mortar interface while the critical shear stress before failure is defined 
through a Mohr-Coulomb failure.  Post-failure shear sliding behaviour is simulated through 
defining the friction coefficient as the critical shear stress is obtained by a friction law that 
considers the friction coefficient and normal compressive stress acting on the joint. 
Propagation of cracks upon damage initiation causes stiffness degradation at a defined rate that 
finally leads to complete loss of strength and failure of the brick-mortar joint.  Therefore, 
Equation 2.4, representing the linear response, can be rewritten to describe the non-linear 
response through Equation 2.5 (ABAQUS, 2017). 
 𝒕 = (1 − 𝐷)𝑲𝜹 (2.5) 
where: 
𝐷 is the damage progress variable. 
After the damage initiation criteria are reached, the damage progress variable increases from 0 
to 1 as the traction stresses continue to increase under quasi-static loading.  Complete loss of 
stiffness is achieved when the damage progress variable equals 1.  The damage progress 














0  denotes the effective separation of masonry joints at initiation of damage 
𝛿𝑒𝑓𝑓
1  denotes the effective separation of masonry joints at complete failure 
𝛿𝑒𝑓𝑓
𝑚𝑎𝑥 denotes the effective maximum separation reached during loading 
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Effective separation of the joints is the magnitude of the combined separation in the normal 
and shear directions and is expressed by Equation 2.7 (ABAQUS, 2017). 
 
𝛿𝑒𝑓𝑓 = √𝛿𝑛2 +⁡𝛿𝑠2 + 𝛿𝑡
2⁡ (2.7) 
where: 
𝛿𝑛 is the separation of the masonry joint in the normal direction due to tensile stress 
𝛿𝑠 is the separation of the masonry joint in the first shear direction 
𝛿𝑡 is the separation of the masonry joint in the second shear direction 
The effective separation at complete failure is a function of the combined effective traction 
stress at damage initiation and mixed-mode fracture energy.  The effective separation at 







0  (2.8) 
where: 
𝑡𝑒𝑓𝑓
0  denotes the effective traction stress in the joints at damage initiation 
𝐺𝐶𝐹 ⁡ denotes the critical mixed-mode energy dissipation at complete failure of joint 
The Benzeggagh-Kenane (BK) law may be used to obtain critical mixed-mode fracture energy.  
The critical fracture energies in both shear directions are the same, hence the BK law is 
appropriate for calculating the mixed-mode fracture energy and is expressed by Equation 2.9 
(ABAQUS, 2017). 
 
𝐺𝐶𝐹 = 𝐺𝐼𝐶 + (𝐺𝐼𝐼𝐶 − 𝐺𝐶𝐼) [
𝐺𝐼𝐼 + 𝐺𝐼𝐼𝐼





𝐺𝐼 is the work done by traction-separation in the normal (tensile) direction 
𝐺𝐼𝐼 is the work done by traction-separation in the first shear direction 
𝐺𝐼𝐼𝐼 is the work done by traction-separation in the second shear direction 
𝐺𝐼𝐶 denotes the critical fracture energy in the normal (tensile) direction 
𝐺𝐼𝐼𝐶 denotes the critical fracture energy in the first and second shear directions 
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2.9 Bond strength of steel embedded in concrete 
The steel anchor strap that secures the roof to the masonry wall is embedded into the masonry 
wall either by using concrete infill in hollow block cores or tucked into the masonry joint of 
solid brick walls, as prescribed by SANS 10400-K (SABS Standards Division, 2015).  The 
pull-out resistance of the steel strap is provided by a bond between the steel and the surrounding 
mortar or concrete.  In addition to the bond, frictional forces between the surfaces arise that 
contributes to the pull-out resistance of the anchor.  The steel strap, embedded in the mortar or 
concrete, is similar to smooth (plain) reinforcing bars embedded in concrete.  It has been 
recognised that the bond between concrete and steel is dependent on the quality of the concrete 
(Owens, 2009).  Pull-out tests are often used to determine the bond between steel reinforcing 
bars and surrounding concrete.  Figure 2.31 illustrates a typical pull test.  
 
Figure 2.31:  Typical pull test. 
(Haskett, Oehlers and Mohamed Ali, 2008) 
When a load is applied to the anchor, it causes elastic slip of the anchor until the peak bond 
stress is overcome, at that point the bond transfer between the steel and concrete reduce as the 
slip increase.  Once the bond between the steel and concrete has completely diminished, only 
the frictional component of remains.  The bond stress-slip relationship proposed by (Thomas, 




Figure 2.32:  Local bond stress-slip relationship. 
(Haskett, Oehlers and Mohamed Ali, 2008) 
The area under the bond stress-slip diagram represents the interfacial fracture energy.  This 
value controls the pull-out strength and is the reason why the resistance of fully anchored 
reinforcing bars is more likely to yield than debonding.  In contrast, debonding will occur in 
bond pairs with low interfacial fracture energy.  The peak load at debonding initiation is given 
by Equation 2.10 (Thomas, 1990). 
 
𝑃𝐶 = √2𝐺𝑓⁡ × √𝐿𝑝𝑒𝑟𝐸𝐴 ⁡= √𝜏𝑚𝑎𝑥𝛿𝑚𝑎𝑥⁡ × √𝐿𝑝𝑒𝑟𝐸𝑏𝐴𝑏 ≤⁡𝜏𝑚𝑎𝑥𝐿𝑝𝑒𝑟𝑙 (2.10) 
where: 
𝑃𝐶   is the peak load at interface bonding initiation 
𝐺𝑓 denotes the work done by interfacial bond 
𝐿𝑝𝑒𝑟  is the cross-sectional perimeter of the bar 
𝐴𝑏 is the cross-sectional area of the bar 
𝐸𝑏  is the modulus of elasticity of the bar 
𝐴𝑐 is the area of contact interface between bar and concrete 
𝜏𝑚𝑎𝑥  denotes the maximum bond stress 
𝛿𝑚𝑎𝑥 denotes the maximum slip at complete bond failure 
𝑙 is the bond length of the bar 
The peak load can only be obtained with sufficient bond length, known as the critical length 
(Lcrit).  Increasing the bond length beyond the critical length does not increase the ultimate load 
resistance.  This length can be referred to as the effective bond length.  When the bar is 
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embedded up to this length, the shear stress distribution in the concrete varies from zero to 
ultimate bond stress (τmax) over the embedment length.  The critical length can be determined 








For steel bars with embedment lengths less than the critical length, the ultimate bond stress can 








𝑃𝑢 denotes the ultimate load  
𝑑 is the diameter of the bar. 
Equation 2.12 can be modified to suit a rectangular cross-section such as the cross-section of 
the anchor strap of 30 mm wide by 1.6 mm thick.  The calculation to determine the ultimate 
pull-out force can be expressed by Equation 2.13: 
 𝑃𝑢 =⁡ 𝜏𝑚𝑎𝑥𝐿𝑝𝑒𝑟𝑙 (2.13) 
Zhenhai (2014) describes the pull-out process of a plain reinforcing bar embedded in concrete 
as follows: After a force is monotonically applied, the bond at the loading end (near the 
concrete face) fails shortly.  During this time, only a part of the bar near the loading end is 
stressed (in tension) and the bond stress distribution is limited to this part.  A relative slip occurs 
in the zone between the loading end and the point of peak bond stress while the remaining 
length of the bond is slip-free.  As the load increases, the tension zone of the bar increases 
while the point of peak bond stress moves gradually further towards the free end of the bar.  
When the load is increased to a point where the average bond strength reaches between 40 to 
60% of the ultimate bond stress, the slip zone of the reinforcement is spread, leading to an 
increased slip-rate at the loading end while no slip at the free end has yet occurred.  The slip at 
the free end of the bar starts when the average bond strength reaches about 80% of the ultimate 
bond strength while the bond stress distribution is spread across the length of the entire bar.  At 
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this stage, the bond near the loading end is seriously damaged and the bond stress in the region 
is reduced.  This causes the bond stress to approach uniformity.  The ultimate bond strength is 
reached when the slip at the free end reaches about 0.1 to 0.2 mm. At this instance, the slip at 
the loading end and the free end starts to increase rapidly.  After the bond is completely 
diminished, the tensile resistance relies only on the friction between the steel and concrete 
surfaces and some residual interlocking interaction from concrete bonded on the surface of the 
bar.  This causes the surrounding concrete to undergo crushing and the bar finally pulled out.  
The response obtained through the pull-out process described above can be illustrated with a 
bond stress-slip diagram obtained from a pull-out test, as illustrated in Figure 2.33. 
 
Figure 2.33:  Bond stress-slip diagram obtained from pull-out test. 
(Zhenhai, 2014) 
From the explanation of the pull-out process, it is clear that the ultimate bond strength cannot 
be determined from pull-out tests for short embedment depths as the process does not allow 
the peak bond stress to distribute along the effective length of the bar before failure occurs.  
However, the maximum slip at the ultimate bond stress is constant for any length of embedment 
as illustrated by the bond stress-slip diagram presented in Figure 2.34.  The point at maximum 
slip is called the “focal point” as the descending branches of any embedment length converges 
to this point (Haskett, Oehlers and Mohamed Ali, 2008).  Once the critical bond length is 




Figure 2.34:  Influence of embedment length of load-slip relationship. 
(Haskett, Oehlers and Mohamed Ali, 2008) 
The embedment of the roof anchor strap for hollow bricks can be related to a plain reinforcing 
bar embedded in concrete as described in the preceding paragraphs.  Hence the bond-slip 
relationship can be determined through the same models.  The anchor embedded in the masonry 
joint for solid brick walls, on the other hand, is somewhat different due to the relatively thin 
mortar joint that is laid on top of the anchor strap.  No literature was found on this scenario, 
although it can logically be assumed that the bond stress will flow through the mortar to the 
brick unit laid on top of the mortar via the brick-mortar interface, given that the interface has 
sufficient shear resistance to transmit the bond stress.  Only the top surface of the anchor strap 
bonds with the mortar as the mortar is placed on top of the anchor while the bottom surface of 
the anchor will only experience frictional resistance. 
2.10  Chapter summary 
This chapter gave an overview of the literature that provides insight into relevant areas required 
for a better understanding of the topic.  The sections discussed in this chapter are related to the 
assessment of roof anchors systems.  
An overview of the South African strong wind climate was provided.  Some background was 
provided on the wind speeds and footprints of local thunderstorms.  The literature suggests that 
common peak wind speeds observed during intense thunderstorms are between 25 m/s and 30 
m/s.  An overview of the history of tornadic events of South Africa was also provided.  It was 
noted that tornadoes may cause severe damage to structures and that wind-resistant design for 
such events is complex since the wind velocity and direction are rarely constant.  Damage to 
structures is often caused by impact from flying objects and debris during such events. 
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A brief overview of the wind loading on the roofs of low-rise buildings was provided.  This 
chapter gave some insight into the parameters that affect the magnitude of wind pressure on 
the roofs of low-rise buildings.  It was found that the magnitude of wind pressure on the roofs 
under similar wind loading is affected by the surrounding terrain, the type of roof, and the 
geometry of the roof.  It was also noted that wind suction at the eaves of roofs may potentially 
be reduced by using architectural elements such as trellises at the eaves. 
An overview of wind-induced damage and damage mitigation measures were provided.  It was 
noted that the failure of doors and windows during extreme wind events ultimately increases 
the uplift pressure on the roofs of low-rise buildings.  It was also noted that inadequate fixing 
of roof sheeting might cause the sheeting to fail during strong winds and is commonly the on-
set of the wind-induced “damage chain”.  The literature suggested that failure of roof sheeting 
leads to a build-up of pressure that increases the reaction forces at the roof anchor systems. 
The relevant clauses from SANS and the BRA were explained.  First, the clauses from SANS 
10160-1 (SABS Standards Division, 2018a) that provide the partial load factors and load 
combinations were explained. The load combinations that are relevant to the assessment of the 
resistance of roof anchors were established.  Then, an explanation of the clauses from SANS 
10160-3 (SABS Standards Division, 2018b) that is required for the calculation of wind loads 
on the roofs of LIH was explained. This was followed by an explanation of the clauses from 
SANS 10400-K (SABS Standards Division, 2015) that prescribes the methods for roof anchors.  
This section is important as it provides the backbone for determining the adequacy of roof 
anchor systems for South African LIH. 
The roof anchoring methods of interest, as well as alternative methods, were discussed in this 
chapter.  It was noted that the roof supports and the supporting walls rely on each other for 
lateral support.  This section highlights the important function of roof anchor systems and the 
fact that the structural capacity of the support walls is reduced upon failure of the roof anchor 
systems. 
This chapter also provided background information on the structural aspects of masonry.  The 
relevant engineering properties of masonry and its constituents were discussed.  The discussion 
of the engineering properties included elastic properties, compressive strength, tensile strength, 
shear strength, and fracture mechanical properties of masonry.  FEA techniques and procedures 
for modelling masonry structures were discussed. 
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The final section of this chapter discussed how the theory of steel rods embedded in concrete 
relates to the embedment of the roof anchor strap in masonry walls.  It was noted that the pull-
out capacity of the anchor bond may be estimated through equations provided by literature.  
The literature discussed in this section suggests that the anchor pull-out capacity is dependent 






3.1 Chapter overview 
In this chapter, a brief description of the research philosophy and paradigm is provided.  This 
chapter also provides a summary of the research approach.  Lastly, the methods for collecting 
data is summarised. 
3.2 Research philosophy 
A pragmatist research philosophy was adopted for this study. The choice of the research 
philosophy was mostly determined by the research problem. In this study, the numerical results 
are measurable and are deemed important.  The choice of methods, techniques, and procedures 
that were used for collecting and analysing data was based on the criteria that best suites the 
needs of the aims of the research. 
3.3 Research paradigm 
The study is based on a scientific paradigm that is carried out through a series of research 
methods. The methods adopted for collection of relevant data are discussed in Chapter 3.5. 
3.4 Research approach 
The research approach adopted for the study is summarised by the flow chart in Figure 3.1. A 
systematic approach was adopted throughout this study. The aim of the research was achieved 
through dividing the research into two main domains. The first domain concerned the 
determination of the expected forces at the roof anchor systems due to wind uplift. The second 
domain concerned the prediction of the resistance provided by the roof anchor systems. Finally, 
the results from the two domains are combined and compared to determine the adequacy of the 




Figure 3.1:  Summary of the research approach adopted. 
3.5 Method of data collection 
This study is divided into the two main domains: 
1) Obtaining the reaction forces at the roof anchors due to wind uplift. 
2) FEA modelling of the roof anchor systems to predict the resistance. 
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The first domain concerns the reaction forces at the roof anchors due to wind uplift.  The data 
that were required were obtained from literature in the form of theses, dissertations, web 
articles, and local standards.  The data that were obtained are summarised as follows: 
• Nature and geometry of South African LIH building and roofs; and 
• wind loading parameters 
The second domain is focussed on FEA modelling of the roof anchor systems to predict the 
resistance thereof.  The data that were required were obtained from literature in the form of 
publications, theses, dissertations, and local- and international standards.  The data that were 
obtained are summarised as follows: 
• Nature of the prescribed roof anchor systems; 
• failure patterns of South African LIH’s roof anchor systems; 
• construction materials of South African LIH; 
• mechanical properties of masonry; and 
• FEA methods for modelling of masonry structures. 
3.6 Chapter summary 
This chapter covered a description of the methods used to conduct the research. The research 
philosophy, paradigm and approach were discussed and was followed by a brief description of 





REACTION FORCES AT THE ROOF ANCHOR SYSTEMS 
4.1 Chapter overview 
This chapter covers the methods that were used for determining the wind uplift reaction forces 
at the roof anchor systems. The first part of this chapter provides the data, assumptions and 
method of analysis. This is followed by the results obtained. The method for justification of 
the results is then provided. Lastly, a detailed discussion of the results is provided. 
4.2 Research data, assumptions and method of analysis 
Numerical calculations were used to determine the reaction forces at the roof anchors due to 
wind uplift.  The wind loading was calculated per SANS 10160-3 (SABS Standards Division, 
2018b), for LIH models with different roof configurations, as illustrated in Figure 4.1.  The 
parameters adopted to determine the wind pressures for the different models are presented in 
Table 4.1.  These models are based on geometrical observations of typical LIH based in South 
Africa, defined as follows: 
• All models are defined as low-rise buildings and comprise of masonry walls of 6m 
long, 6 m wide and 2.7 m high. 
• The position of the openings (front door and windows) of the building varied in 
different models to account for accidental load cases where openings might fail during 
extreme wind events that lead to an increase in positive internal pressure on the roof. 
• Roof supports spacings were taken as 1 m, 1.2 m, and 1.5 m for each of the models. 











Figure 4.1:  Typical low-income house models: a) Model 1, b) Model 2, c) Model 3, d) Model 4 used in the 
wind calculations. 
Table 4.1:  Parameters of different roof configurations used in wind calculations. 
 
4.2.1 Wind load calculations 
The wind pressure calculations for Model 1 to Model 4 were based on the geometry and 
dimensions illustrated in Figure 4.2 to Figure 4.5, respectively. 
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38 x 38 mm






Figure 4.2:  Layout and dimensions of low-income house Model 1. 
 




Figure 4.4:  Layout and dimensions of low-income house Model 3. 
 
Figure 4.5:  Layout and dimensions of low-income house Model 4. 
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The wind direction and wind pressure calculations were based on the following: 
• The wind loading was applied at wind directions of 0° and 90° to the LIH models with 
duo-pitched roofs, as demonstrated in Figure 4.2 to Figure 4.3. 
• The wind loading was applied at 0°, 90°, and 180° to the LIH models with mono-
pitched roofs (Model 3 & 4) as demonstrated in Figure 4.4 and Figure 4.5. 
• The peak wind pressures were calculated for the range of 1 in 50-year basic wind speed 
values on the wind map provided by SANS 10160-3 (SABS Standards Division, 
2018b), that is 32 m/s, 36 m/s, 40 m/s, and 44 m/s. In addition, a basic wind pressure 
based on a basic wind speed of 25 m/s was introduced that relates to wind speeds 
observed during intense thunderstorms in South Africa (Goliger and Bradley, 2018). 
• The terrain category defined as “Category C” per SANS 10160-3 (SABS Standards 
Division, 2018b) were adopted to determine the peak wind pressures. 
• Topography effects were ignored as the LIH units will unlikely be constructed on top 
of a hill or a crest. 
4.2.2 Modelling of the roof structures 
Basic static analyses of the roof support systems were performed using Autodesk Robot 
Structural Analysis software.  Robot Structural Analysis is a structural analysis software 
package used in the design industry.  The roof structures were modelled as follows: 
• Simply supported roof trusses or rafters in a 3D space over a 6m. 
• The material assigned to all the members is Grade 7 SA Pine with truss or rafter 
members having standard cross-sections as required by SANS 10400-L (SABS 
Standards Division, 2011). 
• The roof panels were divided into multiple zones that represent the wind pressure zones 
as defined and illustrated in SANS 10160-3 (SABS Standards Division, 2018b).  The 
net wind pressures that were calculated for each zone were then applied to the 
corresponding pressure zones on the roof panels. 
• The self-weight of the sheeting was added as an additional load case to the self-weight 
of the structural members, that is, by default, defined as the first load case by the 
software.  A mass of 6 kg/m2 were adopted for the self-weight of the roof sheeting, to 
resemble 0.55 mm steel roof sheeting. 
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Figure 4.6 shows an illustrative example of the roof structure and wind pressure symbols, for 
Model 1, that were modelled in Robot Structural Analysis software for wind at 0°. 
 
Figure 4.6:  Illustrative example of net wind pressures applied to a roof structure. 
4.2.3 Determining of reaction forces at the roof anchor systems 
The reaction forces at the supports defined in the models are representative of the loads that 
the roof anchors will experience due to the defined wind loading.  The reaction forces were 
determined for the various wind speeds and wind directions considered for each model.  The 
peak reaction forces for each model were recorded and presented in a graph format. 
4.3 Results 
The maximum reaction forces obtained for the models with roof support spacings at 1 m, 1.2 
m, and 1.5 m for basic wind speeds of 25 m/s, 32 m/s, 36 m/s, 40 m/s, and 44 m/s are presented 
in Figure 4.7 to Figure 4.11, respectively.  Detailed calculations of wind pressures that were 




Figure 4.7:  Reaction forces obtained at 25 m/s basic wind speed. 
 
Figure 4.8:  Reaction forces obtained at 32 m/s basic wind speed. 
 









































































Figure 4.10:  Reaction forces obtained at 40 m/s basic wind speed. 
 
Figure 4.11:  Reaction forces obtained at 44 m/s basic wind speed. 
The observations made from the results presented in Figure 4.7 to Figure 4.11 are summarised 
as follows: 
• The maximum reaction at 1.0 m support spacing was 4120 N, that corresponds to Model 
4 at a basic wind speed of 44 m/s. 
• The maximum reaction at 1.2 m support spacing was 4830 N, that corresponds to Model 
4 at a basic wind speed of 44 m/s. 
• The maximum reaction at 1.5 m support spacing was 5870 N, that corresponds to Model 
4 at a basic wind speed of 44 m/s. 














































Model 1 Model 2 Model 3 Model 4
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The results show that the roof support spacing have a greater effect on the magnitude of reaction 
forces as the basic wind speed is increased. The difference between the maximum and 
minimum reaction forces obtained at 25 m/s basic wind speed is 750 N, as compared to 2560 
N at 44 m/s basic wind speed. 
4.4 Validation of results 
The reaction loads obtained from the static analysis of Model 1 to Model 4 were validated by 
comparing the results obtained from the analysis software to hand calculations.  The hand 
calculations are presented in Appendix B. 
4.5 Discussion of findings 
Static analyses were conducted to determine the peak reaction forces on the roof structures of 
typical LIH under the South African strong wind climate.  The reaction forces were obtained 
for roof support spacings of 1.0 m, 1.2 m, and 1.5 m for four distinctive models designated as 
Model 1 to 4.  The models were distinct in that their openings (front door and windows) were 
located at different positions and each model had a unique roof configuration.  Roof overhangs 
of 600 mm were defined at the positions of the openings as it increases the reactions at the roof 
supports.  The wind loading was carried out per SANS 10160-3 (SABS Standards Division, 
2018b).  The wind loading was calculated for terrain “Category C”, at 0 m altitude above mean 
sea level, and topography factors were ignored.  The basic wind speeds considered was 3-
second gusts at 32 m/s, 36 m/s, 40 m/s and 44 m/s that is expected for a 1 in 50-year occurrence, 
as suggested by SANS 10160-3 (SABS Standards Division, 2018b).  An additional wind speed 
of 25 m/s were considered as this is a common wind speed observed during intense 
thunderstorms in South Africa. 
An accidental load case was introduced to consider situations where the openings of the house 
are assumed to be open during extreme wind events that will lead to increased internal pressure 
and therefore increased uplift forces on the roof. 
The peak reaction forces were obtained at the first internal roof support on the windward side 
of the LIH models, as indicated in Appendix B.  This was expected as the highest values of 
suction pressures are experienced at the corners near the eaves and on the roof overhangs at the 
windward wall and the fact that the tributary area supported by the first internal roof support is 
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twice the size of the edge roof support.  Therefore, reducing the overhangs may effectively 
reduce the magnitude of the reaction forces at the roof anchors. 
The peak reaction forces obtained from a basic wind speed of 44 m/s represents the peak 
reaction forces that might occur at the roof anchor systems for LIH in South Africa during 
extreme wind events.  The peak reaction forces obtained at 1.0 m, 1.2 m, and 1.5 m roof support 
spacings are 4120 N, 4830 N, and 5870 N, respectively.  These forces represent the lower 
bound resistance required by the roof anchor systems to secure the roof structure during the 
wind conditions defined. 
The difference between the maximum and minimum peak reaction forces, for the range of roof 
support spacings considered, obtained at 44 m/s was 2560 N, while a difference of 750 N was 
obtained at 25 m/s.  This suggests that the roof support spacing has a greater effect on the 
reaction forces at larger roof support spacings. 
4.6 Chapter summary 
This chapter concerned the reaction forces expected at the roof anchor systems due to wind 
uplift. The method of analysis and assumptions were provided. The results obtained from the 





RESPONSE OF THE ROOF ANCHOR SYSTEMS 
5.1 Chapter overview 
This chapter covers the methods used for analysing the response of the roof anchor systems.  
The first part of this chapter provides a brief description of the FEA modelling approach 
adopted for the analyses. A detailed description of the procedures conducted for obtaining the 
response of the roof anchor systems are then provided. Next, the results obtained from the FEA 
models are provided and were thoroughly discussed. 
5.2 Method of analysis 
The structural response of the roof anchor systems due to loads imposed by strong wind were 
predicted through the use of FEAs.  A localised portion of the masonry wall near the roof 
anchor was modelled in the FEA software.  The dimensions of the model were defined to 
simulate the roof anchor system as accurately as possible while keeping it relatively small and 
simple to accommodate research alignment with potential experimental simulations where 
practical and feasible construction and testing would be desired. 
The FEAs were carried out using Abaqus FEA software. The analysis approach that was 
adopted is described as follows: 
• An explicit dynamic analysis was used to simulate loading through a defined velocity 
constraint to obtain force-displacement diagrams and stress contour maps over the 
loading history. 
• A smooth step amplitude was assigned to the velocity constraint to represent quasi-
static loading and to avoid wave propagation in the model that would lead to divergence 
of static equilibrium. 
• The computational time of the analysis was optimised through selecting a suitable 
loading rate and defining mass scaling factors, while keeping the kinetic energy at a 
small fraction of the internal energy of the system to ensure that the model is dominated 
by internal energy. 
65 
 
A 3D Micro-model approach was adopted to model the masonry assembly.  The masonry units 
and the mortar were modelled as continuum elements and the interfaces between the units and 
mortar were modelled as contacting surfaces.  This approach was adopted as it can be 
effectively used to model fine detail and capture failure in the mortar and masonry units 
separately. 
The procedures followed to generate the FEA models of the solid brick and hollow block roof 







• Mesh and Elements 
5.3 Roof anchor system comprising of solid bricks 
The procedures for modelling the roof anchor system for single leaf, solid brick walls are 
discussed under this section. Figure 5.1 provides an illustration of the model, while Figure 5.2 
illustrates the modelling procedure. 
 




Figure 5.2:  Detailed modelling approach for solid brick FEA model. 
5.3.1 Parts 
The parts were defined in the Part Module of Abaqus/CAE as described under sub-sections that 
follow: 
5.3.1.1 Masonry units and mortar 
The following dimensions were adopted for the masonry units and -joints: 
• Each unit resembles a 290mm x 140mm x 90mm Maxi cement brick. 
• A joint thickness of 10 mm was adopted. 
The adopted modelling approach for the units and mortar is described as follows: 
• The masonry units and the surrounding mortar layers located to the sides and the bottom 
of the unit were modelled as a single part. 
• A mortar joint of 5 mm thick was added to either side of the masonry unit in the plane 
of the wall; the joints of two adjacent units adds up to 10 mm; representing the head 
joints. 
• Similarly, a 10 mm mortar joint was added to the lower side of the masonry units; 
representing the masonry bed joints. 
• The total dimension of the part is therefore, 300 mm x 140 mm x 100 mm. 




Through this modelling approach, the amount of contact interaction in the model is effectively 
reduced (instead of considering the interfaces on both sides of the mortar layer) without 
compromising the model accuracy.  The fact that the bond failure in the unit-mortar interface 
only fails on one side, does not affect the mechanical response of the masonry (D’Altri et al., 
2018). 
The part that defines the masonry unit and adjacent mortar joints is illustrated in Figure 5.3 and 
will be referred to as the “brick” part to avoid confusion.  The grey portion represents the 
masonry unit and the brown portion represents the mortar.  The same accounts for the half-
bricks used in the model represented in Figure 5.4. 
 
Figure 5.3:  Part representing a brick in the FEA model. 
 
Figure 5.4:  Part representing a half-brick in the FEA model. 
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The brick part positioned on top of the anchor strap was modified by subtracting a region at 
the bottom to suit the embedment of the anchor strap.  This part will be referred to as the 
“modified brick” part.  The subtracted region is noticeable at the lower end of the part as 
illustrated in Figure 5.5. 
 
Figure 5.5:  Part representing the modified brick in the FEA model. 
5.3.1.2 Anchor strap 
The anchor strap represents the steel strap that is embedded into the masonry between two brick 
courses at its lower end and tied to the roof support at its upper end.  The strap is 30 mm wide 
by 1.6 mm thick, as prescribed in SANS 10400-K (SABS Standards Division, 2015) as a Type 
C anchor.  The anchor strap is manufactured from galvanised Commercial Quality (CQ) steel.  
The lower part of the strap should be embedded at least 70 mm deep into the masonry joint at 
a height of at least 600 mm from the top of the wall (as prescribed for light roofs).  The part 
representing the anchor strap is illustrated in Figure 5.6.  The anchor consists of a vertical 
section and a horizontal section with a 90-degree bend. The horizontal section is embedded 
into the masonry wall and the vertical section runs along with the height of the wall.  A 
geometrical reference point was defined in the centre of the top surface of the vertical section.  





Figure 5.6:  Part representing the anchor strap in the FEA model. 
5.3.2 Materials 
Three material types were defined in the model as listed below: 
• Mortar – assigned to mortar elements 
• Brick – assigned to masonry unit elements 
• QC steel – assigned to the anchor strap 
5.3.2.1 Masonry constituent materials 
Four data sets that each contain distinctive mechanical properties of units and mortar were 
obtained from previous studies.  The data sets are designated as Data Set 1 to Data Set 4.  The 
properties for Data Set 1 and Data Set 2 were obtained from (Fourie, 2017) and (Santos et al., 
2017), respectively.  The properties for Data Set 3 and Data Set 4 were obtained from (Agüera, 
Tornello and Frau, 2016).  Some required values were not provided in the respective studies, 
for example, Fourie (2017) had insufficient data on the mortar properties from his study.  
Recommended average values suggested in the literature study were used to define the absent 
values.  The data for the complete stress-strain curves of Data Set 1 and Data Set 2 were absent 
and was, therefore, determined through numerical models suggested by (Zhenhai, 2014). 
Table 5.1 summarises the densities and elastic properties for the data sets.  The CDP parameters 
defined for the units and mortar were kept constant for all the data sets and is presented in 
Table 5.2.  The compressive and tensile inelastic properties of the masonry units are 
summarised in Table 5.3 to Table 5.6 for Data Set 1 to Data Set 4, respectively while similar 
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properties of the mortar are summarised in Table 5.7 to Table 5.10 for Data Set 1 to Data Set 
4, respectively 
Table 5.1:  Densities and elastic properties for units and mortar. 
 
Table 5.2:  Parameters for Concrete Damage Plasticity model. 
 
The parameters for the CDP model are required by Abaqus to apply the equations that describe 
the behaviour within the plasticity model.  The parameters are listed and described below 
(Santos et al., 2017): 
• Dilation angle (ψ): This parameter is defined by the internal friction of the concrete.  
The recommended value of 36⁰ was adopted (Kmiecik and Kaminski, 2011). 
• σb0/σc0: Ratio between yield strength in biaxial state and uniaxial state.  The default 
value of 1.16 was used as given by Abaqus (ABAQUS, 2017). 
• Viscosity parameter (μ): Viscous regelation parameter that defines damage stabilisation 
that is generally used in implicit models with convergence difficulties.  The value is 
selected base on optimising the solution accuracy with computational time (Abdulla, 
Cunningham and Gillie, 2017).  A zero value was adopted. 
• Eccentricity parameter (ρ): Parameter from the DP model that defines the yield surface 
in the meridian plane.  A value of 0.1 was adopted for this study. 
Units ( x 10
-9
) Mortar ( x 10
-9
) Units Mortar Units Mortar
Data Set 1 2.09 2.20 17900 4500 0.15 0.15
Data Set 2 2.20 2.20 35370 9293 0.15 0.15
Data Set 3 1.43 2.40 2170 7760 0.217 0.21
Data Set 4 1.51 1.86 6540 1553 0.16 0.22
Density (T/mm
3
) Poisson's RatioYoung's Modulus (MPa)
Data Set
ψ σb0/σc0 μ ρ k
36 ⁰ 1.16 0 0.1 0.67
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Table 5.3:  Inelastic properties of masonry units adopted for Data Set 1. 
 
Table 5.4:  Inelastic properties of masonry units adopted for Data Set 2. 
 
Table 5.5:  Inelastic properties of masonry units adopted for Data Set 3. 
 
Table 5.6:  Inelastic properties of masonry units adopted for Data Set 4. 
 
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt
3.54 0 0 0.14 0 0
8.65 0.214 0 0.12 7.120 0.15
10.86 0.491 0 0.10 22.23 0.30
11.79 0.897 0 0.07 62.36 0.48







Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt
10.55 0 0 3.23 0 0
26.36 0.314 0 3.03 2.670 0.06
31.62 0.594 0 2.36 9.555 0.27
35.11 1.310 0 1.39 27.28 0.57
31.21 2.022 0.11 0.67 79.28 0.79
15.74 4.266 0.55 0.62 88.20 0.81
5.65 9.083 0.84
1.28 30.42 0.96
Behaviour in compression Behaviour in tension
Data Set 2
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt







Behaviour in compression Behaviour in tension
Data Set 3
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt







Behaviour in compression Behaviour in tension
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Table 5.7:  Inelastic properties of mortar adopted for Data Set 1. 
 
Table 5.8:  Inelastic properties of mortar adopted for Data Set 2. 
 
Table 5.9:  Inelastic properties of mortar adopted for Data Set 3. 
 
Table 5.10:  Inelastic properties of mortar adopted for Data Set 4. 
 
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt
3.09 0 0 0.25 0.270 0
7.39 0.214 0 0.21 7.577 0.15
9.29 0.487 0 0.17 22.80 0.31
10.28 1.216 0 0.13 63.03 0.49





Behaviour in compression Behaviour in tension
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt
3.54 0 0 3.23 0 0
8.84 0.111 0 3.03 2.670 0.06
10.61 0.246 0 2.36 9.555 0.27
11.78 0.635 0 1.39 27.28 0.57
11.09 1.610 0.06 0.67 79.28 0.79




Behaviour in compression Behaviour in tension
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-4
) dt
5.00 0 0 0.66 0 0




Behaviour in compression Behaviour in tension
Yield stress (Mpa) Inelastic strain ( x 10
-3
) dc Yield stress (Mpa) Cracking strain ( x 10
-5
) dt







Behaviour in compression Behaviour in tension
73 
 
5.3.2.2 Commercial quality steel 
The material defined for the steel was assigned with a density of 7850 kg/m3.  A Modulus of 
Elasticity value of 210 GPa was assigned to the material with a Poisson’s ratio of 0.3.  A yield 
strength of 220 MPa and ultimate strength of 375 MPa were adopted for the steel.  The plastic 
behaviour of the steel was defined through stress-strain values obtained from (Qi et al., 2005).  
Table 5.11 summarises the values for the plastic response (stress-strain diagram) of the steel 
material. 
Table 5.11:  Plastic behaviour of the steel material. 
 
5.3.3 Assembly 
The Assembly Module in Abaqus/CAE was used to assemble the parts that define the roof 
anchor system.  The assembly of the model is described as follows: 
• The surfaces between adjacent bricks were joined with defined contact interactions that 
represent the unit-mortar bond interaction. 
• The masonry wall simulated in the FEA model is 1500mm long, 700mm high, and 
140mm thick. 
• Six brick courses were placed above the horizontal section of the anchor that is 
representative of an embedment height of 600mm. 
The dimensions of the assembly are illustrated in Figure 5.7.  The illustration given in Figure 
5.8 shows a vertical section through the centre of the wall, concentrated at the anchor 
embedment location that provides detail of the anchor embedment. 
 














Figure 5.7:  Dimensions of solid brick FEA model assembly. 
 
Figure 5.8:  Anchor detail illustrated by a section through the wall, concentrated at anchor location. 
5.3.4 Interactions 
The interactions define the behaviour between contacting surface pairs and are defined in the 
Interaction Module of Abaqus/CAE.  The interaction properties defined in the FEA model is 
discussed under sub-sections that follow. 
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5.3.4.1 Masonry bond 
The contact interactions between adjacent surfaces of the brick parts represent the 
corresponding unit-mortar interface. 
The masonry bond interaction property was defined by: 
• Tangential behaviour to accommodate friction in masonry joints. 
• Hard contact to prevent penetration of surfaces and allow separation after contact. 
• Cohesive behaviour to accommodate joint stiffness. 
• Damage initiation and evolution to accommodate stiffness degradation. 
The response of the joints was defined through traction separation laws.  A friction coefficient 
of 0.75 were defined as adopted from Abdulla, Cunningham and Gillie (2017). The cohesive- 
and damage interface properties is summarised in Table 5.12. Reference to adopted values not 
included in the respective material data sets are provided in the caption of the table. 
Table 5.12:  Cohesive and damage interfacial properties of unit-mortar. 
 
a) Reddy and Gupta (2006); b) Angelillo (2014); c) (BS EN 1996-1-1, 2005) 
5.3.4.2 Friction 
The friction interaction property was defined to accommodate interaction between surfaces of 
the anchor that is in contact with the masonry wall.  The friction interaction property was 
defined as follows: 
• A friction coefficient of 0.5 was assigned between the steel and the masonry wall that 
is in range with the values suggested by (Rabbat and Russell, 1985). 
• Hard contact was also assigned to the interaction property to prevent penetration of 
surfaces (allow pressure to be transmitted between surfaces).  In addition, hard contact 





) Kt t (N/mm
3
) tnn (MPa) tss (MPa) tt t (MPa) GI (N/mm) GII (N/mm) GIII (N/mm) n
Data Set 1 4500 1957 1957 0.25 
a









































K = Joint stiffness (subscripts n, s and t represents the normal, first- and second shear directions respectively.)
t = Bond strength that defines the threshold for damage initiation
G = Specific fracture energy (subscripts I, II and III represents the normal, first- and second shear directions respectively.)
n = BK law exponent
Data Set
Cohesive QUADS damage with mixed-mode evolution
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5.3.4.3 Anchor bond 
The Anchor bond interaction property represents the bonding of the anchor embedded in the 
masonry joint.  The interaction property was defined through: 
• Tangential behaviour to accommodate friction between the anchor mortar joint. 
• Hard contact to prevent penetration of surfaces and allow separation after contact. 
• Cohesive behaviour to accommodate anchor bond stiffness. 
• Damage initiation and evolution to accommodate stiffness degradation of anchor bond. 
The cohesive behaviour represents the pull-out resistance of the anchor as it bonds to the 
mortar.  Frictional behaviour also contributes to the pull-out resistance of the anchor when 
compressive stresses develop between the surfaces of the anchor and mortar.  The input 
parameters for the anchor bond interaction property are presented in Table 5.13. The default 
value of the elastic joint stiffness (Ktt) is determined by Abaqus and is based on the stiffness of 
the underlying elements. 
Table 5.13:  Parameters for anchor bond interaction. 
 
5.3.5 Steps 
Two steps are present in the FEA.  The first being the default “Initial Step” created by Abaqus 
that was used to define the boundary conditions. The second step is defined as the dynamic 
explicit step that were used to defined loads and velocity constraints. 
5.3.5.1 Initial Step 
The initial boundary conditions are defined during this step.  The wall was constrained against 
translation in three translational- and three rotational degrees of freedom at the bottom surface 
of the wall.  This boundary condition is described by the term “Encastre” that represents a fully 
fixed or built-in constraint. 
Cohesive
μ τmax (MPa) Ktt (N/mm
3
) tt (MPa) GII (N/mm)
0.5 0.26 Default 0.39 0.025
Note : The default elastic joint stiffness (Ktt) is based on underlying element stiffness
Tangential Maximum nominal stress
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5.3.5.2 Dynamic Explicit Step 
In this step, an upwards velocity constraint was applied to a reference point located at the centre 
of the anchor’s top surface.  The defined velocity constraint imposes displacement that 
produces a reaction force at the reference point.  The reaction force represents the force 
imposed on the roof anchor due to uplift.  The reference point is fixed to the anchor’s top 
surface through a continuum distribution coupling with translational degrees of freedom in 
three directions.  The reference point is used to capture the magnitude of the vertical reaction 
force throughout the loading period. 
When using a dynamic explicit analysis to simulate a quasi-static loading, the applied velocity 
should be small enough to prevent large kinetic energy formation in the system that would 
result in a pure dynamic loading as the mass inertia of the deformable bodies is considered to 
be significant.  Although some kinetic energy will be present in the system, it is necessary to 
verify that the kinetic energy is only a fraction of the internal energy (commonly less than 5%).  
An appropriate loading rate was selected based on computational time and convergence of 
results. 
The analysis parameters of the loading step were defined as follows: 
• A loading period of 0.3 sec was adopted with a defined velocity of 5mm/s resulting in 
a total vertical displacement of 1.5 mm.  
• The amplitude of the controlled velocity was defined as a smooth step with the 
maximum velocity defined at 10% of the loading period i.e. 30 milliseconds. 
• During the first 30 milliseconds of loading, the velocity is increased gradually. 
Therefore, only 50% of the displacement is attained during this time and the loading 
period has to be increased by 10% to attain a total displacement of 1.5 mm. 
• The loading period was therefore increased with 10%, resulting in a total loading time 
of 0.33 seconds. 
• A mass scaling factor of 50 was adopted for the whole model except for the anchor 
strap that was assigned a mass scaling factor of 500. 
• The analyses were stopped a few iterations after the response of interest was obtained. 
• A gravity load, in addition to the velocity control, were defined at the beginning of the 
step to accommodate the masonry self-weight. 
78 
 
5.3.6 Element types and meshing 
The parts were modelled using explicit 3D hexahedral shaped, eight-node, linear brick 
elements with reduced integration and hourglass control (type C3D8R elements). 
The incorporation of material softening in the model greatly influences the mesh sensitivity of 
the model.  The brick elements in the vicinity surrounding the horizontal section of the anchor 
are expected to experience high strain gradients due to all of the loading being transferred 
through that region.  A refined mesh has, therefore, been introduced in the areas where high 
stress gradients are expected.  The mesh applied to the FEA model is described as follows: 
• A mesh size of 0.8 mm was adopted for the anchor strap.  The surfaces of the anchor 
strap were defined as pure slave surfaces in contact formulation. 
• The mesh size of the brick parts ranges from 5 mm to 45 mm. A mesh size of 5 mm 
was defined to the modified brick part since it experiences high stress gradients.  The 
mesh size was increased gradually for the remaining bricks as they are positioned away 
from the vicinity of the horizontal anchor section.  Figure 5.9 gives an illustration of 
the mesh definition adopted for the FEA model. 
 
Figure 5.9:  Mesh definition of solid brick wall FEA model. 
In contact interaction of surface pairs, the mesh of the slave surface should be more refined 
than its respective master surface.  This is because nodes on the slave surface are prevented 
from penetrating the master surface while the nodes on the master surface are allowed to 
penetrate the slave surface without any penalty.  A refined master surface mesh will lead to 
large stress concentrations at locations where nodes of the slave surface contacts the master 
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surface.  Therefore, the surfaces in contact with the anchor strap, i.e. the surfaces of the brick 
parts positioned directly on top and below the horizontal anchor section were defined with a 
relative courser mesh with respect to the anchor strap.  These surfaces were defined as pure 
master surfaces in the respective contact pair formulation with the top and bottom surfaces of 
the horizontal anchor section. 
5.4 Roof anchor system comprising of hollow blocks 
The FEA model representing the roof anchor system for the hollow blocks was modelled 
through a similar approach as for the solid brick model.  Data Set 1 and Data Set 2 defined in 
Chapter 5.3.2.1 were adopted for the analyses.  The interface properties from the solid brick 
model were adopted and applied to represent the unit-mortar interface.  The parts that represent 
the hollow blocks and half-blocks are illustrated in Figure 5.10 and Figure 5.11, respectively. 
 
Figure 5.10:  Part representing the hollow blocks. 
 
Figure 5.11:  Part representing half a hollow block. 
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The dimensions adopted for the hollow blocks are 290 long x 140 mm wide x 190 mm with 
hollow cores through the block of 107.5 mm long by 90 mm wide.  The flanges of the hollow 
blocks were defined as 25 mm wide.  The model assembly consists of a wall comprising of 4 
courses providing a total height of 800 mm and a total length of 1650 mm with 10 mm joint 
thickness between the blocks.  The assembly of the wall is presented in Figure 5.12.  
The main difference between the solid brick model and the hollow block model is the method 
of embedding the anchor.  If hollow blocks are used, the anchor strap is embedded into the 
cores of the blocks with concrete infill.  The part that represents the concrete infill was 
modelled as a solid deformable block with C3D8R elements, as illustrated in Figure 5.13.  The 
unit-mortar interface properties were adopted for the bond between the concrete blocks and the 
hollow blocks.  Figure 5.14 shows a section through the centre of the wall that indicates the 
anchor embedded in the concrete infill that is placed inside the hollow brick cores. 
 




Figure 5.13:  Part representing the hollow block concrete infill. 
 
Figure 5.14:  Section showing anchor embedment detail of hollow block wall. 
The elements of the parts that represent the anchor strap and the hollow blocks, were defined 
as C3D8R elements.  The same meshing technique, regarding master-slave contact surfaces 
that were used for modelling the solid block walls, were applied in the hollow brick model.  
The base of the wall was fully constrained at the bed joints.  The defined mesh and model 




Figure 5.15:  Illustration of hollow block model showing mesh definition and constraints. 
A similar procedure was followed, as for the solid brick models, to simulate the reaction forces 
and to capture the results.  Vertical reaction vs. anchor end-slip plots were extracted from the 
software and used to predict the resistance of the roof anchor systems.  The FEA models for 
Data Set 1 and Data Set 2 were conducted at 200 mm, 400 mm and 600 mm embedment lengths 
for assessing the hollow block models. 
5.5 Results and discussion 
5.5.1 Roof anchor systems comprising of solid brick masonry walls 
Four unique data sets were defined for the FEA of the roof anchor system for solid brick walls 
designated as Data Set 1, -2, -3, and -4.  Data Set 1 was used to describe the response of the 
model in detail. Data Set 2, -3, and -4 were then compared to the response obtained from Data 
Set 1 to investigate the influence of material qualities. 
A parametric study was carried out to determine the effect that certain parameters have on the 
response of the roof anchor system.  These parameters include the quality of the masonry units 
and mortar joints, the length of the anchor embedment and the height of anchor embedment 




5.5.1.1 Benchmark (Data Set 1) 
The energy of the system over the loading history, extracted from the FEA model, is presented 
in Figure 5.16.  From the diagram, it is evident that the system is in a steady state.  The kinetic 
energy in the system is very low compared to the internal energy (less than 5%), the static 
condition is thus satisfied.  After about 0.06 seconds of loading time, plastic dissipation energy 
was introduced.  This indicates that materials in the model have been stressed past their yield 
points.  In brittle materials like mortar and bricks, this means that crushing or cracking of the 
masonry has occurred. 
 
Figure 5.16:  Diagram of system energy over the loading history. 
Sharp changes in the gradients of the curves in the energy system were observed at a loading 
time close to 0.09 seconds; The strain energy started to decrease as the plastic dissipation 
energy increased at a greater rate. A small bump in the kinetic energy of the system was noticed 
between 0.09 and 0.11 seconds. These changes in the energy system describes the pull-out 
action of the anchor, after the bond between the anchor and the mortar has failed. This becomes 





























Figure 5.17:  Diagram of vertical reaction force over the loading history. 
The vertical reaction vs. time plot mimics the plot of the strain energy over the loading period 
from Figure 5.16.  The maximum load resisted by the anchor corresponds to the peak load 
obtained at 0.09 seconds.  The peak load is followed by a sudden load reduction, indicating 
damage propagation of the anchor bond.  The reaction force attains a local minimum, at about 
0.1 seconds of loading time, that represents the complete failure of the anchor bond.  Thereafter, 
the resistance is only provided by the frictional forces between the anchor and the mortar.  The 
staggering shape of the curve indicates that damping is present in the system.  Damping occurs 
due to the sudden release of strain energy when the anchor bond between the anchor and the 
mortar fails.  The staggering effects are damped out over the loading period.  This is not a 
concern as this occurs after the failure and does not have an effect on the results that occur 
before the failure.  What occurs after the failure of the bond, is not of interest for this study.  
The deformed shape of the anchor at the end of the loading time is illustrated in Figure 5.18.  
The illustration is concentrating on the anchor embedment location and shows that the anchor 






























Figure 5.18:  Section through wall indicating deformed shape and free-end slip of the anchor. 
Figure 5.19 presents the vertical reaction force vs. the free-end slip of the anchor. 
 
Figure 5.19:  Vertical reaction force vs. free-end slip diagram. 
The pull-out process agrees with the theory presented in Chapter 2.9 (refer to Figure 2.33), in 
that the free-end slip remains infinitely small until the reaction force corresponds to about 1000 
N.  The free-end slip increases monotonically until a peak reaction force of 2960 N is achieved.  





























The compressive stresses in the elements of the mortar and unit positioned directly on top of 
the anchor is of interest as they are expected to experience high stress gradients. Figure 5.20 
presents the absolute maximum principal stresses at the approximate time of loading when the 
compressive stress threshold of the mortar was exceeded. Similarly, Figure 5.21 presents the 
stresses for the approximate loading time when the compressive stress threshold was exceeded 
in the masonry unit. 
 
Figure 5.20:  Minimum principal stress in modified brick indicating crushing in mortar. 
 
Figure 5.21:  Minimum principal stress in modified brick indicating crushing of in masonry unit. 
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From Figure 5.20 and Figure 5.21, it is evident that the compressive stress threshold for the 
mortar and the masonry unit was exceeded at about 0.055 seconds and 0.08 seconds, 
respectively.  From the loading history in Figure 5.17, the allowable compressive stresses in 
the mortar and masonry unit is exceeded at vertical reaction forces of 1500 N and 2760 N, 
respectively.  These values are lower than the vertical reaction force required to cause anchor 
pull-out failure.  This states that local crushing in the mortar and units occurs prematurely, i.e. 
before the peak anchor bond stress is obtained.  Failure of the mortar and masonry units are, 
therefore, expected to occur in the area of the masonry wall where the anchor is embedded. 
The unit-mortar interface adjacent to the anchor, at the anchor embedment location, experience 
traction while resisting the vertical force applied to the anchor.  The maximum traction 
(represented by the maximum principal stresses in the mortar) was observed in the masonry 
joint at the face of the wall that acts as a crack face for the joint, as illustrated in Figure 5.22.  
The traction-separation relationship is presented in Figure 5.23.  From the diagram, it is evident 
that the bond interface reached a peak stress of 0.22 MPa with a crack opening of 0.002 mm.  
The peak traction in the unit-mortar interface occurred at a loading time of 0.025 seconds as 
illustrated in Figure 5.24. 
 




Figure 5.23:  Traction-separation in masonry joint adjacent to embedded anchor. 
 
Figure 5.24:  Traction in masonry joint over time history. 
From the results obtained from the FEA analysis, as presented, the process of failure of the roof 
anchor system can be described as follows:  As an upward vertical force is applied (through a 
velocity constraint) at the top of the anchor, local stress starts to develop near the face of the 
masonry wall where the anchor strap is embedded.  At this early stage, almost no horizontal 
force is present in the embedded length of the anchor.  The response of the masonry wall near 
the anchor embedment at an early stage of loading as predicted from the FEA models is 




























Figure 5.25:  Schematic illustration of masonry wall near anchor embedment at early stage of loading. 
As the load increases, traction stresses develop in the unit-mortar interface, at the location 
where the anchor is embedded, as it resists the vertical movement of the anchor strap.  Local 
compressive stresses develop concurrently in the mortar joint above the anchor strap that causes 
deformation in the mortar joint.  The deformation of the material causes a horizontal force 
component from the pulling force to be introduced to the embedded anchor.  No free-end slip 
(ΔS) has yet occurred, as the bond stress has not distributed over the entire embedment length 
at this stage.  The response of the masonry wall near the anchor embedment during this stage 
of loading is schematically illustrated in Figure 5.26. 
 




As the vertical load is increased to a point where micro-cracks develop in the brick-mortar 
interface near the anchor strap, the bond stress distributes across the entire bond length and 
free-end slip of the anchor strap initiates.  The load continues to increase to a point where the 
maximum allowable compressive stress is exceeded, first in the mortar, then in the masonry 
unit above the anchor strap.  After local failure occurred in the mortar and brick unit, the rate 
of free-end slip of the anchor increases, until the bond between the anchor and the mortar fails.  
The response of the masonry wall near the anchor embedment at the final stage of loading prior 
to anchor pull-out is schematically illustrated in Figure 5.27. 
 
Figure 5.27:  Schematic illustration of masonry wall near anchor embedment prior to failure. 
The maximum Von-Mises stress noted in the anchor strap at the peak reaction load was 221.8 
MPa that was localised near the bend in the anchor as the bend tends to open up.  This indicates 
that the anchor strap experiences slight local yielding at the bend, although it is not significant 
to be of any concern.  The stress in the anchor becomes a concern once the stress in the vertical 
section exceeds the yield point to an extent where irreversible strains cause slack in the anchor.  
The maximum tensile stress in the anchor attained at the peak reaction force was 62 MPa.  The 




Figure 5.28:  Von-Mises stress in anchor strap. 
5.5.1.2 Results from various material data sets 
The vertical reactions were plotted against the anchor free-end slip to determine the magnitude 
of vertical force required to attain the peak bond stress that will cause anchor pull-out.  The 
vertical reaction versus free-end slip relationships of all the data sets is combined in one 
diagram to compare the results.  Figure 5.29 presents the vertical reaction vs. free-end slip 
diagram. 
 


























Anchor free-end slip (mm)
Data Set 1 Data Set 2 Data Set 3 Data Set 4
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The diagram shows that Data Set 2 performed the best in terms of anchor pull-out resistance.  
This was expected as the bricks and mortar of Data Set 2 have much higher values of Young’s 
Modulus, that is indicative of stiffer material, compared to the other data sets.  This suggests 
that a larger force is required to cause excessive deformation and ultimately failure of the 
material, that contributes to anchor pull-out failure. It was mentioned in the FEA results of the 
benchmark test for Data Set 1, that the failure process includes deformation of the materials 
that contributes to the horizontal pull-out force of the anchor.  In addition, Data Set 2 has a 
strong unit-mortar interfacial bond compared to the other data sets.  This suggests that a larger 
force is required to cause failure in the unit-mortar joints, defining a stiffer “structure”.  Data 
Set 3 and -4 showed the least resistance of anchor pull-out.  They performed worse than Data 
Set 1 even though their average Young’s Modulus of the mortars are within comparable range 
with that of Data Set 1.  However, the Young’s Modulus of the masonry units of Data Set 1 is 
considerably higher than that of Data Set 3 and -4.  Thus, suggesting that the stiffness of the 
masonry units greatly effects the pull-out resistance.  In contrast, the unit-mortar bond strengths 
of Data Set 3 and -4 are slightly less than that of Data Set 1, while that of Data Set 1 is 
significantly lower than that of Data Set 2.  Thus, the differences in masonry bond strengths do 
not justify the differences in anchor pull-out resistance.  This suggests that the stiffness of the 
materials have a greater effect on the anchor pull-out resistance than the masonry bond strength, 
to a certain extent. 
The resistance of the anchor system is considered as the least resistance obtained from all the 
data sets.  The least resistance is provided by Data Set 3 and -4, that roughly corresponds to 
2120 N.  However, local material failure is expected to occur prior to the failure of the anchor 
bond. This failure is expected to appear as cracks in the supporting walls and might be defined 
as a serviceability concern. 
5.5.1.3 Anchor embedment length 
FEAs were conducted for Data Set 1 at various anchor embedment lengths to investigate the 
effect of the embedment length on the pull-out resistance.  Anchor lengths of 70 mm 
(benchmark), 105 mm and 140 mm (fully embedded) were adopted.  The vertical reaction 




Figure 5.30:  Vertical reaction force vs. anchor free-end slip diagram at various anchor embedment lengths. 
As expected, the results suggest that an increased anchor embedment length significantly 
increases the pull-out capacity of the anchor.  The pull-out capacity increases with 620 N when 
the anchor embedment length is increased from 70 mm to 105 mm.  A further increase of 726 
N is obtained when the anchor embedment length is increased to 140 mm. 
5.5.1.4 Anchor embedment height 
A FEA was conducted for Data Set 1 with reduced anchor embedment height to investigate the 
effect of the anchor embedment height on the pull-out resistance of the anchor.  An embedment 
height of 300 mm was adopted that is equivalent to 3 brick courses. The vertical reaction vs. 
free-end slip diagram for the different anchor embedment heights is presented in Figure 5.31.  
The results indicate that there is no reduction in anchor pull-out capacity.  This suggests that 
the failure occurs locally.  The high stresses close to the anchor embedment spreads out through 
the masonry wall.  The distribution of the stress leads to lower, insignificant stress further away 


































Figure 5.31:  Vertical reaction force vs. anchor free-end slip diagram at 300 mm and 600 mm embedment 
height. 
5.5.1.5 Quality of masonry units 
The quality of the masonry units relates to the mechanical properties of the units.  Poor quality 
masonry units are expected to produce poor mechanical properties.  The effect of the quality 
of the masonry units was investigated by using “good” and “poor” quality masonry units.  The 
“good” quality masonry units are adopted from Data Set 2 since, from inspection, the masonry 
units of Data Set 2 display the most favourable mechanical properties.  In contrast, the 
mechanical properties of the masonry units from Data Set 3 displays the least favourable 
mechanical properties and was therefore adopted to represent the “poor” quality masonry units.  
The vertical reaction vs. anchor free-end slip diagram for the different material qualities is 
presented in Figure 5.32.  The results show that the quality of the masonry units has a limited 
effect on the resistance of the anchor.  The pull-out resistance increased with about 400 N from 
the “poor” quality to the “good” quality masonry units.  The peak vertical reaction load 
occurred at a greater anchor free-end slip for the “poor” quality masonry units.  This is most 
likely due to the lower stiffness in the material (more flexible) that tends to deform with the 
anchor as shear- and bond stresses are transferred from the anchor to the masonry.  This causes 































Figure 5.32:  Vertical reaction force vs. anchor free-end slip diagram of various brick material qualities. 
5.5.1.6 Anchor bond strength 
It was mentioned in Chapter 2.9 that the anchor pull-out resistance of a plain bar embedded in 
concrete is dependent on the concrete strength, that relates to the concrete quality.  The same 
assumption is made for the anchor strap embedded in the mortar joint. Hence, the assumption 
that the quality of the mortar joints will affect the bond strength of the anchor.  A value of 0.17 
MPa was adopted for the lower bound and a value of 0.61 MPa for the upper bound anchor 
bond strength.  These values were obtained from a study by Rabbat and Russell, 1985.  The 
average of these values was used as a benchmark and hence the value of 0.39 MPa assigned to 
Data Set 1.  The effect of the bond strength on the anchor pull-out resistance is presented in 
Figure 5.33.  From the results, it is evident that the bond strength has a significant effect on the 
anchor pull-out resistance.  A difference of 1478 N in the pull-out resistance was obtained 
between the 0.61 MPa and 0.17 MPa bond strengths.  It can be concluded that increased 
resistance can be obtained with proper mortar joints made from good quality mortar and cured 
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Figure 5.33:  Vertical reaction vs. anchor free-end slip diagram for various anchor bond strength qualities. 
5.5.2 Roof anchor systems comprising of hollow block masonry walls 
From the results obtained, the hollow blocks displayed much higher ultimate resistance than 
the solid blocks.  Data Set 2 produced a greater ultimate resistance than Data Set 1 from FEA 
of the hollow block walls.  The failure mechanism of Data Set 1 occurred in the masonry joints, 
while the masonry joints of Data Set 2 provided sufficient resistance to allow the full capacity 
of the anchor bond to be achieved.  This is evident from comparing the response of Data Set 1 
and Data Set 2 as illustrated in Figure 5.34 and Figure 5.35, respectively.  Figure 5.34 
represents the reaction force vs. vertical displacement of the reference point for various anchor 
depths of Data Set 1. The vertical displacement of the reference point was used to capture the 
response since no end slip occurred in Data Set 1.  Figure 5.35 presents the reaction force vs. 
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Figure 5.34:  Vertical reaction vs. vertical displacement diagram at various anchor embedment lengths of 
hollow block walls for Data Set 1. 
 
Figure 5.35:  Vertical reaction vs. vertical displacement diagram at various anchor embedment lengths of 

























































The peak load obtained from Data Set 1 is followed by a gradually (almost flat) decreasing 
slope, that indicates that failure occurred in the masonry joints.  The cracks (opening of joints) 
in the masonry joints are illustrated in Figure 5.36, that represents a section view through the 
centre of the wall.  It is also evident from Figure 5.36 that no anchor free-end slip has occurred.  
The least value for the vertical resistance obtained for Data Set 1, at 200 mm embedment length, 
was about 3500 N.  Increased values for the vertical resistance were obtained at longer 
embedment lengths.  A resistance of 5600 N at 400 mm embedment length and a resistance of 
7130 N at 600 mm embedment depth were predicted from the models. 
 
Figure 5.36:  Section through the wall displaying crack opening in masonry joints. 
The resistance for each respective anchor depth of Data Set 2 was greater than the values 
obtained for Data Set 1.  The response obtained in Figure 5.35 mimics the typical force-slip 
diagram for plain bars embedded in concrete as presented in Figure 2.34 from Chapter 2.9.  The 
response curves for the various embedment depths follow the same trend.  The curves ascend 
parabolically until their respective peak loads are attained from where the curves descend 
linearly towards the same point, called the “focal point”.  Peak loads of 4746 N, 8362 N, and 
10364 N were predicted for the 200 mm, 400 mm, and 600 mm embedment depths, 
respectively.  These loads represent the anchor pull-out resistance for the respective anchor 
depths.  The anchor free-end slip at the end of the loading period is evident from Figure 5.37, 




Figure 5.37:  Section through the wall indicating free-end slip of the anchor. 
The resistance of the roof anchor system is considered as the least resistance obtained from 
both the data sets at 600 mm embedment depth that corresponds to a resistance of 7130 N 
obtained for Data Set 1. 
5.6 Validation of the FEA models 
In general, results obtained from studies involving FEA models are compared to experimental 
results for validation.  In the absence of experimental data, hand calculations may be conducted, 
for validation. In this study, no experimental work was conducted, therefore, basic hand 
calculations were introduced to verify the correctness of the FEA models. However, the 
behaviour of small-scale FEA models were compared to experimental results obtained through 
previous research to validate the FEA modelling technique adopted for the masonry 
components. 
The ultimate resistance of the roof anchor system is governed through one of the following 
possible limit states: 
• Yielding or ultimate failure of the anchor strap under tensile stress. 
• Crushing of masonry units and mortar. 
• Cracking of masonry units 
• Roof anchor pull-out failure. 
The hand calculations and assumptions adopted for validation of the FEA models and results 
are discussed under the sub-sections that follow: 
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5.6.1 Validation of the resistance of the roof anchor strap 
Hoop Iron strap used for roof anchors is generally made from CQ galvanised steel.  The 
nominal yield strength of the steel is 220 MPa and the ultimate strength of the steel is 375 MPa.  
The applied tensile load that a strap with a cross-section of 30 mm wide x 1.6 mm thick can 
resist before yielding is determined through Equation 5.1. 
 𝑇𝑟 = 𝐴𝑔. 𝑓𝑦 (5.1) 
where: 
𝐴𝑔 is the gross cross-sectional area of the member 
𝐹𝑦 is the yield strength of the material 
Yielding in the vertical section of the anchor strap must be prohibited as it will lead to 
irreversible strain formation in the anchor, that may cause significant slack.  Strain hardening 
of the steel strap is also a concern over a course of repetitive load cycles.  Sudden (pulse) loads 
due to the dynamic nature of wind will consequently lead to brittle failure of the anchor.  A 
pulse amplitude instantaneously results in twice the amount of stress that would occur under 
gradual loading, as determined by strain energy principals.  Hence the resistance of the anchor 
strap will be limited to yielding in the vertical section. 
The calculation for determining the yield resistance of the anchor strap is presented by Equation 
5.2. 
 𝑇𝑟 = 48⁡ × 220 = 10560⁡𝑁 (5.2) 
The calculated yield resistance of 10560 N, is greater than the calculated maximum reaction 
force at the roof anchors of 5870 N that was obtained from the static analyses. It can, therefore, 
be concluded that the cross-section of the anchor strap made from CQ steel is adequate. 
5.6.2 Validation of the FEA modelling strategy 
The modelling strategy adopted for modelling of the masonry components were validated 
through simulating experimental test carried out by van der Pluijm (1993) as small-scale FEA 
models. The geometrical and material properties were used as per the tensile and shear tests 
carried out by van der Pluijm (1993). The behaviour of the small-scale models was compared 
to the set of results obtained by van der Pluijm (1993). 
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Figure 5.38 and Figure 5.39 shows the comparison between experimental results obtained by 
van der Pluijm (1993) subject to direct tension and shear strength, respectively. 
 
Figure 5.38:  Comparison between numerical (red line) and experimental (grey envelope) results for small-
scale masonry specimens subject to direct tension. 
 
Figure 5.39:  Comparison between numerical (solid lines) and experimental (dashed lines show range of 
values) results for small-scale masonry specimens subject to shear for three values of initial compressive 
stress: 0.1, 0.5 and 1.0 MPa). 
5.6.3 Validation of the FEA models comprising of solid brick walls 
5.6.3.1 Validation of the roof anchor pull-out resistance 
Complex, non-linear calculations are conducted by the FEA software to determine the stresses 
and strains in the roof anchor system throughout the loading period.  The hand calculations for 
determining the pull-out resistance of the anchor would, therefore, be cumbersome.  However, 
simplified checks can be conducted to verify the correctness of the fundamental elements 
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van der Pluijm (1993)
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A basic check was conducted to validate the correct behaviour of the contact interaction that 
was defined for the anchor bond; The horizontal section of the anchor was modelled and 
embedded between two bricks, using the properties of Data Set 1. A horizontal pulling force 
was applied to attain failure of the anchor bond.  The peak force that will cause the anchor bond 
to fail are determined from a horizontal force vs. horizontal displacement diagram that were 
extracted from the FEA software. 
Hand calculations were used to validate the peak force obtained through the FEA model by 
calculating the anchor pull-out resistance through Equation 5.3. 
 𝐻𝑅 = 𝑐⁡ ×⁡𝐴𝑏 (5.3) 
where: 
HR is the determined peak resistance (horizontal pulling force) 
c is the cohesion or bond strength defined as 0.39 MPa 
Ab is the calculated area of bond surface that is 2100 mm2 (70 mm x 30 mm) 
A peak bond resistance of about 830 N was obtained from the horizontal force vs. horizontal 
displacement curve that was extracted from the FEA model, as presented in Figure 5.40. 
 
Figure 5.40:  Diagram of horizontal force vs horizontal displacement of the pull-out test. 
The calculations for determining the ultimate bond resistance is presented by Equation 5.4.  
The calculated resistance of 819 N is in range with the value of about 830 N that was obtained 
from the FEA model.  Therefore, the bonding resistance that was simulated in the FEA models 
for solid brick walls is deemed satisfied. 
































5.6.3.2 Validation of the contact interaction response 
Small-scale models of the unit-mortar contact interaction reduce the complexity of the FEA 
and allow the response of the interaction to be validated.  The stack-bond couplet test and the 
triplet shear test were modelled in the FEA software.  The contact interaction properties for 
Data Set 1 were adopted to simulate the unit-mortar bond.  The models were analysed through 
general static analyses and dynamic explicit analyses.  The dynamic explicit analyses were 
forced with velocity control and the mass of the elements were unscaled.  In addition, a mass 
scaling factor of 50 was assigned to the model and the results compared to the model without 
mass scaling.  The response of the static and dynamic small-scale models was compared to 
validate the correct use of dynamic explicit analysis to simulate static or quasi-static loading. 
The first model represents the stack-bond couplet test, illustrated in Figure 5.41.  A controlled 
vertical displacement applied to the top brick with the bottom brick fully constrained along its 
bottom surface.  The contact interaction for Data Set 1 was defined between their contacting 
surfaces.  The response obtained from the dynamic analysis with and without mass scaling was 
compared to investigate the effect of the mass scaling on the overall response of the model. 
 
Figure 5.41:  Stack-bond couplet test verification model. 
The maximum separation of the contact surface can be calculated by Equation 5.5 and should 







GI is the defined Mode 1 fracture energy  
σ0,n is the tensile bond strength 
The peak load can be calculated by Equation 5.6 and should correspond to the value obtained 
from the static small-scale model. 
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 𝑁 =⁡𝜎0,𝑛 × 𝐴𝑏 (5.6) 
where: 
Ab is the area of bond surface that is 42000mm
2 (140 mm x 300 mm) 
The contact interaction in the first model is deemed satisfied if the peak load and maximum 
separation obtained from the model agree with the values obtained from the hand calculations. 
The response obtained from the FEA of the stack-bond couplet test through a static analysis 
and dynamic analysis without mass scaling are presented in Figure 5.42.  
 
Figure 5.42:  Implicit vs explicit analysis of stack-bond couplet test. 
The response diagram validates the use of a dynamic explicit model as the response of the 
dynamic model compares well with the static model.  The dynamic response showed a slight 
deviation from the static model after the peak load was attained.  The dynamic model displayed 
a steeper gradient in the damage evolution (descending) part of the curve and flattened out as 
the curve approaches zero.  This is due to the sudden release in energy at the failure of the 
bond, that introduces dynamic effects that are damped out.  It is worthy to note that the response 
prior to the peak load was not affected by the dynamic effects. 
The calculations for determining the maximum separation is presented by Equation 5.7.  The 
calculated maximum separation obtained is 0.096 mm. This value agrees with the value 
































The calculations for determining the peak load is presented by Equation 5.8.  A peak load of 
10500 N was calculated.  This value agrees with the value obtained in the small-scale model in 
Figure 5.42. 
 𝑁𝑃 = ⁡0.25⁡ × 42000 = 10500⁡𝑁 (5.8) 
The addition of the mass scaling factor to the model did not have a significant effect on the 
response of the dynamic model, as illustrated in Figure 5.43. 
 
Figure 5.43:  Explicit analysis of stack-bond couplet test (scaled vs un-scaled mass). 
The second small-scale model represents the triplet shear test, as illustrated in Figure 5.44. For 
simplicity and to avoid convergence difficulties caused in the static analysis, the values for the 
unit-mortar contact interfaces defined for the small-scale model were adopted as per Table 
5.14. Suitable constraints were applied to the top and bottom bricks and a controlled horizontal 
displacement was applied to the brick in between.  A horizontal load vs. horizontal 
displacement diagram were extracted from the FEA software to determine the peak load and 
maximum sliding at complete failure of the bond.  In addition, a pressure of 0.1 MPa was 
applied to investigate the behaviour of the Mohr-Coulomb failure criteria.  The post-failure 




























Figure 5.44:  Triplet shear test verification model. 
Table 5.14:  Simplified interaction properties for triplet shear test verification model. 
 
The maximum sliding (δf,s) of the contact surface can be calculated by Equation 5.9 and should 







GII is the defined Mode 2 fracture energy  
σs,0 is the defined shear bond strength 
The peak load can be calculated by Equation 5.10 given as: 
 𝑁𝑃 =⁡𝜎𝑛,0 × 𝐴𝑏 (5.10) 
where: 
Ab is the calculated area of bond the surface that is 84000 mm
2 (2 x 140 mm x 300 mm) 
The contact interaction in the second model is deemed satisfied if the peak load and maximum 
sliding obtained from the model agree with the values obtained from the hand calculations. 
The response obtained from the static and dynamic models of the triplet shear test are presented 
in Figure 5.45. 
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Figure 5.45:  Implicit vs Explicit (unscaled mass) analysis of triplet shear test. 
The static and dynamic small-scale shear models displayed no difference as the curves were 
identical throughout the entire loading history.  The maximum sliding can be calculated by 
Equation 5.5 presented in Chapter 5.6.3.2 .  The calculations for determining the maximum 
sliding is presented by Equation 5.11. The calculated maximum sliding obtained is 0.2 mm. 





= 0.2⁡𝑚𝑚 (5.11) 
The calculated peak load obtained from Equation 5.12, is 8400 N that is in range with the value 
of 8145 N obtained from the small-scale model in Figure 5.45. 
 𝑁𝑃 = ⁡0.1⁡ × 84000 = 8400⁡𝑁 (5.12) 
The response of the Mohr-Coulomb failure criteria was investigated through applying a vertical 
pressure of 0.1 MPa.  The results the results are presented Figure 5.46. 
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The calculated post failure resistance was determined as 840 N by Equation 5.13. This value 
agrees with the value obtained from the small-scale FEA model. 
 𝜏 = 0.1⁡ × 8400 = 840⁡N (5.13) 
5.6.4 Validation of the FEA models comprising of hollow block models 
The response of the FEA models comprising of hollow block masonry units were validated by 
predicting the resistance of the models through hand calculations.  The predicted failure of the 
roof anchor system is expected to occur either in the masonry joints or by anchor pull-out. 
5.6.4.1 Resistance of masonry joints 
If failure occur in the masonry joints, it suggests that the anchor bond have not attained its peak 
bond stress at the peak load.  The load spreading is assumed to spread from the top of the wall, 
starting from the edge of the concrete block (infill) and then spread out with half of the length 
of one block, to the bed joint below.  The load spreading concept is illustrated in Figure 5.47.  
The bed joint at the level of anchor embedment is assumed to fail first, therefore, the tributary 
area resisting the force will be calculated over the bed joint at the level of anchor embedment.  
The width of the hollow block flanges is 25 mm wide and runs in two strips along the brick 
flanges.  The tributary area is then calculated from the tributary length (L), times the flange 
width (W), times two (strips).  Figure 5.48 illustrates the load spreading and tributary lengths 
of the various embedment lengths. 
The predicted peak vertical reaction force (Rv) can be calculated by Equation 5.14 as follows: 
 𝑅𝑣 =⁡𝜎𝑛,0 × 𝐴𝑏 (5.14) 
where: 
Ab is the calculated tributary area of bond surface  
σ0,n is the defined tensile bond strength of the unit-mortar interface 
If the resistance of the roof anchor system is controlled by failure of the masonry joints and the 
peak load obtained from the FEA model agrees with the values obtained from Equation 5.14, 




Figure 5.47:  Schematic diagram of load spreading for predicting resistance of masonry bond failure. 
 
Figure 5.48:  Schematic diagram for calculating tributary bond lengths. 
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The roof anchor system of the hollow block wall for Data Set 1 failed through bond failure in 
the masonry joints for each of the anchor embedment lengths considered.  The bond failure 
occurred in the bed joint located at the full length of the anchor from the top of the wall. 
The calculated peak vertical reactions for embedment lengths of 200 mm, 400 mm, and 600 
mm were determined by Equations 5.15, 5.16, and 5.17, respectively. 
 𝑅𝑣,200 = ⁡0.25⁡ × 2 × 25 × 290 = 3625⁡𝑁 (5.15) 
 𝑅𝑣,400 = ⁡0.25⁡ × 2 × 25 × 435 = 5438⁡𝑁 (5.16) 
 𝑅𝑣,600 = ⁡0.25⁡ × 2 × 25 × 580 = 7250⁡𝑁 (5.17) 
The calculated resistance for each embedment length is in an acceptable range with the values 
obtained in the hollow block FEA model for Data Set 1.  The corresponding values for the FEA 
models are 3555N at 200 mm, 5599 N at 400 mm, and 7130 N at 600 mm embedment length. 
5.6.4.2 Resistance of anchor pull-out 
If failure occur through anchor pull-out, it suggests that the masonry joints have sufficient 
strength to allow the anchor bond to reach its peak bond stress at the relevant embedment 
length.  The hand calculations are based on the theory discussed in Chapter 2.9. 
The critical length of the anchor bond can be calculated per Equation 2.11.  The resistance of 
the anchor bond, at critical embedment length, can be estimated through Equation 2.10.  For 
shorter embedment lengths, the anchor pull-out resistance can be roughly estimated through 
Equation 2.13.  A vertical reaction force vs. anchor free-end slip diagram may be extracted 
from the FEA software for the various embedment lengths (200 mm, 400 mm, and 600 mm).  
The diagram is expected to mimic the diagram illustrated in Figure 2.34. 
The roof anchor system of the hollow block wall for Data Set 2 failed by anchor pull-out, as 
the unit-mortar bond strength were sufficient to allow the full capacity of the anchor bond to 
be attained.  The anchor pull-out resistance, for the various anchor lengths considered, was 
estimated by formulas that represent the anchor bond strength of plain bars in concrete, as 
discussed in Chapter 2.9. 
The vertical reaction force vs. free-end slip diagram was illustrated in Figure 5.35 from Chapter 
5.5.2.  The unloading branches of these curves converge to a “focal point” of 0.458 mm that 
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represents the maximum free-end slip (δmax) at complete bond failure.  The peak load, of the 
curve that represents the 600 mm embedment length, was attained at a free-end slip of 0.426 
mm.  This value is assumed to be close to the maximum free-end slip as the descending branch 
is close to vertical.  Therefore, the critical embedment length (Lcrit) can be assumed to be a 
somewhat over 600 mm.  The estimated critical embedment length can be determined from 
Equation 2.10 presented in Chapter 2.9.  The calculated critical length is given by Equation 





0.39 × (1.6 × 2 + 30 × 2)
0.458 × 210000 × (1.6 × 30)
= 680⁡𝑚𝑚 
(5.18) 
Since an embedment length of 600 mm is close to the critical length, the peak load obtained at 
600 mm embedment should be little over the value obtained by Equation 2.10 presented in the 
Chapter 2.9.  The peak load is thus estimated from Equation 5.19 as 10667 N.  
The estimated peak load is little over the value of 10364 N obtained for 600 mm embedment 
length from the FEA model, as expected. 
 𝑃𝐶 = √0.39 × 0.458⁡ × √(1.6 × 2 + 30 × 2) × 210000 × (1.6 × 30)
= 10667⁡𝑁 
(5.19) 
The peak loads for the shorter embedment lengths may be roughly estimated from Equation 
2.13, as presented in the Chapter 2.9.  Although, the true peak loads are expected to be lower, 
as the bond stress does not distribute over the full embedment length at the peak load obtained 
for embedment lengths less than the critical length.  The peak load for 200 mm and 400 mm 
embedment lengths are calculated by Equation 5.20 and Equation 5.21, respectively. 
 𝑃𝑢 = ⁡0.39 × (1.6 × 2 + 30 × 2) × 200 = 4930⁡𝑁 (5.20) 
 𝑃𝑢 = ⁡0.39 × (1.6 × 2 + 30 × 2) × 400 = 9860⁡𝑁 (5.21) 
The peak loads obtained for 200 mm and 400 mm is 4746 N and 8362 N, respectively.  These 
values are lower than the values obtained through the above calculations, as expected. 
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5.7 Chapter summary 
This chapter concerned an investigation on the response of the roof anchor systems. A 
description of the methods of analyses were provided. This was followed by the results 
obtained and discussion of the findings.  Lastly, the FEA models and the results obtained were 





ADEQUACY OF THE ROOF ANCHOR SYSTEMS 
6.1 Chapter overview 
In this chapter, the adequacy of the roof anchor systems is determined. The method that was 
adopted is explained and results are then provided. This is followed by an in-depth discussion 
of the findings. 
6.2 Method for determining the adequacy of the roof anchor systems 
The adequacy of the roof anchor systems was determined through comparing the peak resultant 
reaction forces obtained from the static analyses provided in Chapter 4.3, to the predicted 
resistance obtained from the FEAs provided in Chapter 5.5. 
The determined peak resultant reaction forces and predicted resistance of the roof anchor 
systems were plotted on the same graphs to illustrate the predicted adequacy of the anchor 
systems. 
6.3 Results 
The determined peak reaction forces at 1 m, 1.2 m, and 1.5 m roof support spacings for the 
range of basic wind speeds considered and the predicted resistance of the roof anchor systems 
were combined and presented in Figure 6.1. The dashed lines indicate the peak reaction forces 




Figure 6.1:  Peak reaction forces at various wind speeds compared with resistance of roof anchor systems. 
The following observations were made from Figure 6.1: 
• The roof anchor system for solid brick walls fails at basic wind speeds of about 27 m/s 
for LIH with roof support spacings of 1.5 m. 
• The roof anchor systems for solid brick walls fails at basic wind speeds of about 30 m/s 
for LIH with roof support spacings of 1.2 m. 
• The roof anchor systems for solid brick walls fails at basic wind speeds of about 32 m/s 
for LIH with roof support spacings of 1.0 m. 
• Overall, the roof anchor system for solid brick walls provides insufficient resistance at 
the maximum basic wind speed that is expected to occur during the design life of the 
LIH. 
• The resistance of the roof anchor system for hollow block walls provided sufficient 
resistance at the for the various basic wind speeds and roof support spacings considered. 
6.4 Discussion 
6.4.1 Roof anchor systems for LIH constructed with solid bricks 
The FEA models suggest that the roof anchoring system is highly dependent on the material 
properties and the bond characteristics of the masonry.  This agrees with a statement made by 





































that the roof anchor systems prescribed by SANS 10400-K (SABS Standards Division, 2015), 
for solid brick walls, perform poorly and are not suitable for the reaction forces that might 
occur at these roof anchors, as calculated in this study. 
For the solid wall models, the resistance of the roof anchor system ranged between 2170 N and 
3110 N for data sets that each contains unique material properties.  The observations made 
from the loading history of the FEA suggests that allowable stresses in the mortar and brick 
unit placed on top of the anchor strap, to secure the anchor, is exceeded before anchor pull-out.  
Moreover, the tensile stresses in the mortar joint adjacent to the anchor strap might exceed the 
unit-mortar bond strength at suggested characteristic bond strength values.  These failures are 
locally observed and may cause visible cracks in the masonry wall, although, the anchor strap 
might still be secured with reduced capacity.  However, these cracks are undesirable and can 
be defined as a serviceability limit state. 
It was noted that the resistance of the roof anchor system is increased with an increased anchor 
embedment length.  An increase in resistance from 2960 N to 4310 N was obtained for the 
benchmark data set of the FEA models, when the anchor embedment length was increased from 
70 mm (minimum prescribed length) to 140 mm. From the parametric study conducted, the 
embedment length of the anchor showed the greatest effect on the resistance of the roof anchor 
systems for solid walls. 
The effect of the anchor bond strength was investigated and it was noted, as expected, that the 
bond strength of the anchor within the masonry joint has a great effect on the overall resistance 
of the roof anchor system.  The fact that the bond strength of the anchor relates to the quality 
of the masonry joints highlights the importance of the mortar quality and the quality of 
workmanship.  The benchmark value for the bond strength of 0.39 MPa produced an overall 
resistance of 2960 N.  An increased resistance of 3840 N was obtained when the bond strength 
was increased to 0.61 MPa.  Similarly, a reduced resistance of 2360 N was obtained with a 
lower bond strength of 0.17 MPa. 
It was noted that the quality of the masonry units has a limited effect on the overall resistance 
of the roof anchor system.  A comparison in the resistance between the use of “good” quality 
and “poor” quality masonry units showed a difference of about 370 N, which is small compared 
to the other parameters that were investigated. 
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The significance of the anchor embedment height was investigated in this study.  An anchoring 
height of 300 mm was analysed by reducing the number of brick courses placed above the 
anchor to 3 brick courses.  The results were similar, as the 300 mm embedment height did not 
reduce the anchor pull-out capacity.  This suggests that the prescribed anchor embedment 
height is not the concern and that increased embedment heights will not produce increased 
capacity. 
The results from this study suggest that the current roof anchor method for anchoring light 
roofs of LIH to solid brick walls are inadequate as basic wind speeds of 32 m/s, in areas with 
a regular cover of vegetation or buildings, will cause the roof anchor systems to fail at roof 
support spacings of 1.0 m. Larger reaction forces are expected at the roof anchors for LIH 
situated in more open terrains with less vegetation or surrounding buildings.  This suggests the 
reason for the number of reported roof failures during strong wind events in South Africa 
(Goliger and Bradley, 2018).  Wind-induced damage of non-engineered structures, in most 
cases, occurs at 30 m/s wind speeds, as suggested by Goliger and Bradley (2018).  Similar 
findings were obtained from this study; however, this study suggests that basic wind speeds 
less than 27 m/s should not cause the failure of the roof anchor systems for LIH with roof 
support spacings of 1.5 m or less.  In such a case, this study suggests that the quality of the 
workmanship and materials are substandard. 
This study did not consider the use of brick-force in the masonry joints that might increase the 
pull-out resistance of roof anchors for solid brick walls.  Neither did it compensate for added 
resistance that might be provided by the plastering of the wall.  However, the FEA models 
predicted that the anchoring method for solid walls introduces high local stresses in the wall 
that exceeds the nominal material threshold in the masonry joints and the brick directly above 
the anchor embedment location. It is therefore unlikely that the effect of either plastering or the 
use of brick-force will reduce these stresses.  Moreover, the wind loads were calculated for 
terrain “Category C”, although LIH units that are situated on the perimeter of a block of LIH 
units might be exposed to open fields with low vegetation and will ultimately be exposed to 
increased wind pressures and thus larger reaction forces will be produced at the roof supports.  
Overall, the current roof anchoring methods were predicted as inadequate and alternative 




6.4.2 Roof anchor systems for LIH constructed with hollow blocks 
The findings from this study suggest that the roof anchor system for hollow brick walls showed 
satisfactory performance.  The results obtained from the FEAs suggest that an anchor length of 
600 mm provides sufficient resistance to withstand the reactions forces at the roof anchors for 
basic wind speeds greater than 44 m/s. 
The FEAs of the roof anchor system for hollow block walls were conducted for Data Set 1 and 
Data Set 2, as defined for the solid brick models.  Each data set produced different modes of 
failure.  The FEAs for Data Set 1 predicted that failure of the roof anchor system occurs in the 
bed joints at a height equal to the embedment length from the top of the wall.  This suggests 
that the unit-mortar bond strength defined for Data Set 1 (0.25 MPa) does not provide sufficient 
resistance to allow the full capacity of the anchor bond to be achieved.  On the contrary, the 
defined unit-mortar bond strength of Data Set 2 (1.47 MPa) is much greater and provide 
sufficient resistance to allow the anchor bond to attain its peak capacity, therefore, failing 
through anchor pull-out.  This suggests that the performance of the roof anchor for hollow 
block walls is dependent on the unit-mortar bond strength.  The bond strength of Data Set 2 
appears to be relatively high compared to that of Data Set 1, although both values are in the 
range of 0.06 to 2.5 MPa suggested by Reddy and Gupta (2006) as discussed in Chapter 2.7.1.2. 
At 600 mm embedment length, the predicted ultimate resistance of the roof anchor system for 
Data Set 1 and Data Set 2 is 7130 N and 10365 N, respectively.  The ultimate resistance of the 
roof anchor systems was thus controlled by Data Set 1.  The peak reaction force obtained at the 
roof anchor systems of 5930 N is less than the ultimate resistance provided by the hollow block 
walls.  This suggests that the roof anchor systems for hollow block walls are adequate.  It is 
worthy to note that the ultimate resistance provided by the roof anchor system at 400 mm 
embedment depth of 5600 N, is sufficient to resist the peak reaction force of 4830 N, obtained 
at 44 m/s for roof spacings of 1.2 m.  
The roof anchor system for the hollow block walls performed better compared to the solid brick 
walls, mainly due to the nature of load transmission from the anchor strap to the wall.  The 
loads are transferred more uniformly to the wall as opposed to the small bearing area that causes 
large stress gradients in the solid brick walls.  The loads from the roof anchor strap are 
transferred more uniformly through the wall as compared to the solid wall roof anchor system. 
118 
 
6.5 Chapter Summary 
This chapter concerned the adequacy of the roof anchor system. The results obtained from 
Chapter 4 (forces at the roof anchor systems) were compared to the results obtained from 






CONCLUSION & RECOMMENDATIONS 
7.1 Chapter overview 
A recent increase in weather-related disasters, causing damage to structures have been reported. 
Houses comprising of light roofs, in particular, have been severely damaged during these 
disasters.  Literature suggests that wind-induced damage is mainly observed for structures with 
a lack of engineering input.  The current roof anchor systems prescribed by SANS 10400-K 
(SABS Standards Division, 2015) are based on empirical design and no research has been 
conducted in an effort of investigating the performance of these roof anchor systems although 
literature suggests that most wind-induced damage to structures are caused to structures that 
lack engineering input. 
This study aimed to predict the adequacy of the prescribed roof anchor systems of South 
African LIH comprising of light roofs that are supported on single leaf solid brick or hollow 
block masonry walls.  The study was based on quantitative research and numerical methods.  
The research objectives were to determine the expected reaction at the roof anchor systems, 
predict the resistance of the roof anchor systems, and to determine the adequacy of the roof 
anchor systems. The reaction forces expected at the roof anchors were determined using static 
analyses with wind loading calculated per SANS 10160-3 (SABS Standards Division, 2018b).  
The response of the roof anchor systems was predicted through FEA models.  The adequacy 
of the roof anchor systems was determined through comparing the reaction forces at the roof 
anchors to the resistance of the roof anchor systems.  The main findings of this study are briefly 
discussed in this chapter. 
Recommendation on further studies that is believed will add value to this topic were also 
discussed in this chapter. The recommendation includes the investigation of roof anchor 
systems through experimental work that was absent in this study, as well as the investigation 




7.2.1 Observations made with regards to the roof anchor systems for solid brick walls 
The conclusion made with regards to the roof anchor systems for LIH comprising of light roofs 
that are supported on single leaf solid brick walls are discussed as follows: 
• The study predicted that the prescribed roof anchor systems performed poorly and are 
deemed inadequate. 
• The roof anchor system fails at basic wind speeds of 27 m/s, 30 m/s, and 32 m/s for 
roof supports spaced at 1.5 m, 1.2 m, and 1.0 m, respectively.  These basic wind speeds 
are lower than the basic wind speeds suggested by SANS 10160-3 (SABS Standards 
Division, 2018b). 
• The ultimate resistance of the roof anchor system is highly dependent on the material 
and construction quality. 
• This study suggests that roof failures occurring at basic wind speeds less than 27 m/s is 
due to poor construction and supervision and the use of poor-quality materials. 
• The research and development of alternative roof anchoring methods may lead to a 
decrease in the number of roof failures and have a positive impact on the socio-
economy of the country. 
7.2.2 Observations made with regards to the roof anchor systems for hollow block walls 
The conclusion made with regards to the roof anchor systems for LIH comprising of light roofs 
that are supported on single leaf hollow block walls are summarised as follows: 
• The study predicted that the prescribed roof anchor systems performed well and are 
deemed adequate for the basic wind loads expected to occur throughout the design life 
of the LIH units that are constructed from hollow blocks. 
• The ultimate resistance of the anchor system is mostly dependent on the bond strength 






7.2.3 Observations made with regards to the quality to South African LIH 
The conclusion made with regards to the quality of South African LIH are discussed as follows: 
• Research conducted in this study raised concern over the quality of materials and 
construction of South African LIH 
• Incorrect roof anchor methods have been observed for South African LIH that is not as 
prescribed by the local codes. 
• This study suggests that many roof failures might be attributed to implementation of 
incorrect methods or poor quality of materials and construction, or a combination 
thereof. 
7.3 Recommendations for further studies 
The outcome of this study suggested that the prescribed roof anchor systems of LIH comprising 
of light roofs supported on solid brick walls are inadequate.  Therefore, further studies are 
suggested that aim to develop improved roof anchor systems for reviewing the codes.  The 
suggested research may be either experimental studies of current roof anchor systems or studies 
involving the investigation of the performance of alternative methods. 
7.3.1 Experimental work 
It is worth investigating this topic based on experimental work.  A proposed experimental setup 
is illustrated in Figure 7.1.  The proposed experimental study aims to determine the capacity of 
the roof anchor systems through experimental simulation.  The use of materials from different 
suppliers and the use of skilled and unskilled builders are suggested as variables for the 
proposed study to investigate the significance of the material and construction quality on the 




Figure 7.1:  Proposed experimental setup worth investigating. 
7.3.2 Alternative roof anchor methods 
It might be of interest to investigate the use of alternative roof anchor methods for solid walls 
such as the proposed method sketched and illustrated in Figure 7.2.  In this method, the roof 
supports are fixed to the wall plate via hurricane brackets or angle plates.  The wall plate is 
then fixed to the wall with roof anchor straps in a similar way to the current method, but both 
sides of the roof support.  Through this method, the stress caused by the anchor straps is 
distributed more evenly into the wall.  Hence it might minimise the potential local damage to 




Figure 7.2:  Alternative roof anchoring method worth investigating. 
Another method that is worthy of investigating, is by constructing a bond beam on the top 
course of the wall filled with reinforced concrete.  The anchor strap should be tied around the 
reinforcing bars and placed into the concrete filling.  Anchor bolts may be used to fix the roof 
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APPENDIX A: WIND PRESSURE CALCULATIONS 
The procedures followed to calculate the net pressures acting on the LIH building to determine 
the reaction forces at the roof anchors are illustrated under this section.  The calculations for 
Zone F per SANS 10160-3 (SABS Standards Division, 2018b) of Model 1 are determined for 
a basic wind speed of 44 m/s at wind 0⁰ as an example illustration.  The final values obtained 
from the following are presented in Appendix A. 
• Peak wind pressures for basic wind speeds of 25 m/s, 32 m/s, 36 m/s, 40 m/s and 44 
m/s. 
• External and internal pressure coefficients for all the pressure zones of the respective 
building models (Model 1 to 4) at the range of basic wind speeds adopted. 
• The net pressures acting on the pressure zones of the respective building models at the 
range of basic wind speeds adopted. 
A.1 Net pressure calculation example (Zone F) 
A.1.1 Calculation of peak wind pressure 
The first step was to calculate the peak wind pressure per SANS 10160-3 (SABS Standards 
Division, 2018b).  The results and equations used are presented in Table A.1. 
Table A.1:  Calculation of peak wind pressure to SANS10160-3 for 44 m/s basic wind speed. 
 
A.1.2 Calculation of external pressure coefficient (cpe) 
The external pressure coefficient was determined as a requirement for determining the net wind 
pressure.  The dimensions of Zone F are required for calculating the external pressure 
coefficient.  The calculations for determining the dimensions of Zone F are presented in Table 
A.2. 
Equation Table Figure
Return Period 50.00 years 50.00 years Input
cprob 1.00 1.00 Input 2
Basic wind speed (Vb,0) 44.00 m/s 44.00 m/s Figure 32 1
Peak wind speed (vp) 32.12 m/s 32.12 m/s Equation 2.3 3
Terrain catgory C C Table 5 2
Height above ground level (z) 2.70 m 3.37 m Input
Rougness factor (cr) 0.73 0.73 Equation 2.2 5 2
Topography factor (co) 1.00 1.00 Input
Site altitude above sea level 0.00 m 0.00 m Input























Table A.2:  Calculation of dimensions for Zone F. 
 
The Cpe1 and Cpe10 values of Zone F for wind at 0⁰ is obtained from SANS 10160-3 (SABS 
Standards Division, 2018b).  Since the area of Zone F is smaller than 1 m2, only Cpe1 will be 
considered.  Similarly, if the area of a zone is larger than 10 m2, only Cpe10 would have been 
considered.  The external pressure coefficients of zones with areas of between 1 m2 and 10 m2 
were calculated per SANS 10160-3 (SABS Standards Division, 2018b). Note that only the 
minimum values of Cpe1 and Cpe10 from SANS 10160-3 (SABS Standards Division, 2018b) 
were considered for the calculations since only wind uplift is of interest. 
The roof pitch of the building is 12.5⁰ which lies between 5 and 15 in SANS 10160-3 (SABS 
Standards Division, 2018b).  The value for Cpe1 of Zone F was, therefore, obtained through 
interpolation.  Table A.3 presents the value obtained for Cpe1 of Zone F at 12.5⁰, which is equal 
to the external pressure coefficient of Zone F.  The external pressure coefficient of Zone F was 
calculated as -2.125 (negative pressure is suction). 
Table A.3:  Calculation of external pressure coefficient for Zone F. 
 
A.1.3 Calculation of internal pressure coefficient (cpi) 
The internal pressure coefficient was determined as a requirement for determining the net wind 
pressure.  First, the walls were checked for a dominant wall.  The area of openings on the front 
wall was taken as 2 m2, assuming the windows are shattered.  The area of the openings is 
roughly determined from three standard size windows.  A background permeability of 1% was 
assumed for all of the walls and the roof to compensate for any openings not considered in the 
Height of Building at eaves 2.7 m
Max height (h) 3.37 m
Roof pitch 12.5 degrees
Breadth of Building (b) 6 m
Depth of Building (d) 6 m
e (minimum of b or 2h) 6 m
Length of Zone F (e/4) 1.5 m
Width of Zone F (e/10) 0.6 m
Area of Zone F 0.885 m
2
Building Dimensions
Length (e/4) 1.5 m
Width (e/10) 0.59 m
Area 0.885 m
2
Area of Zone F
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building.  The calculations presented in Table A.4 shows that the front wall is dominant when 
the door and windows are open. 
Table A.4:  Calculations to determine whether a building has a dominant wall with openings on front wall 
assumed open. 
 
Since the building has a dominant wall, an accidental load case will be considered for the 
situation where the openings (door and windows) on the dominant wall is open during a severe 
windstorm.  The internal pressure coefficient is calculated per SANS 10160-3 (SABS 
Standards Division, 2018b) for buildings with a dominant wall.  Since the openings of the 
dominant wall are located at Zone D, the external pressure coefficient of Zone D is required 
was determined as 0.741 by the same procedure as for Zone F.  The calculated value of internal 
pressure coefficient for Zone F was obtained as 0.56. 
Next, the internal pressure coefficient was calculated for the building, assuming that the 
openings are closed.  A background permeability of 5% was assumed for the front wall where 
the openings are located and 1% was assumed for the remaining walls and the roof to 
compensate for any openings not considered in the building.  The calculations, presented in 
Table A.5, shows that the building does not have a dominant wall.  The calculations of the 
internal pressure coefficient for a building without a dominant wall are presented in Table A.6 







Wind 0 Wind 90
Side 1 16.20 1.00% 0.16 2 2.16 13 D A+B+C
Side 2 18.20 1.00% 0.18 0 0.18 1 A+B+C D
Side 3 16.20 1.00% 0.16 0 0.16 1 E A+B+C
Side 4 18.20 1.00% 0.18 0 0.18 1 A+B+C E
Roof 36.87 1.00% 0.37 0 0.37 2 F+G+H+I+J F+G+H+I+J







The largest area of openings on a wall is less than twice the area of openings on the remaining surfaces.
Therefore, the building does not have a dominant wall.
Zone
Position of openingsArea of openings
Total % of Total
Two times the area of remaining openings





Check for Dominant wall
Largest area of openings on wall
133 
 
Table A.5:  Calculations to determine whether a building has a dominant wall with openings on front wall 
assumed closed. 
 
Table A.6:  Calculation of internal pressure coefficient (cpi) for buildings without dominant wall. 
 
A.1.4 Calculation of net pressure (wnet) 
The net pressure acting on Zone F were calculated per SANS 10160-3 (SABS Standards 
Division, 2018b). A calculated net pressure value of -1.66 kPa was obtained for the building 
with a dominant wall and a net pressure of -1.38 kPa for a building without a dominant wall. 
A.2 Results obtained from calculations 
The procedure for calculation of the net pressure of Zone F was used to calculate the net 
pressure of the remaining zones for each of the building models at 25 m/s, 32 m/s, 36 m/s, 40 






Wind 0 Wind 90
Side 1 16.20 5.00% 0.81 0 0.81 5 D A+B+C
Side 2 18.20 1.00% 0.18 0 0.18 1 A+B+C D
Side 3 16.20 1.00% 0.16 0 0.16 1 E A+B+C
Side 4 18.20 1.00% 0.18 0 0.18 1 A+B+C E
Roof 36.87 1.00% 0.37 0 0.37 2 F+G+H+I+J F+G+H+I+J







The largest area of openings on a wall is less than twice the area of openings on the remaining surfaces.
Therefore, the building does not have a dominant wall.
Zone
Position of openingsArea of openings
Total % of Total
Two times the area of remaining openings





Check for Dominant wall
Largest area of openings on wall
Zone Sign of Cpe Area (m
2




)Total Area of openings
Left Gable End negative 18.20 1.00% 0.18 0.00 0.18
Right Gable End negative 18.20 1.00% 0.18 0.00 0.18
Windward Long Wall positive 16.20 5.00% 0.81 0.00 0.81
Leeward Long Wall negative 16.20 1.00% 0.16 0.00 0.16
Windward Roof Slope negative 18.44 1.00% 0.18 0.00 0.18
Leeward Roof Slope negative 18.44 1.00% 0.18 0.00 0.18







Cpi for h/d > 1.0
Cpi (interpolation)
Calulation of Opening Ratio (μ)
Calculation of Cpi from Figure 37
Σarea of opening where cpe is negative or zero.
Opening ratio (μ)
Building height to depth ration (h/d)
Cpi for h/d ≤ 2.5
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A.2.1 Peak wind pressures 
The peak wind speeds along with the peak wind pressures obtained from the calculation 
procedure per SANS 10160-3 (SABS Standards Division, 2018b) are presented in Table A.7. 
Table A.7:  Calculated peak wind speeds and -pressures from the range of the basic wind speeds considered. 
 
A.2.2 Pressure coefficients 
The calculated external- and internal wind pressure coefficients of the pressure zones per SANS 
10160-3 (SABS Standards Division, 2018b) for the LIH models are presented in Table A.7. 
Table A.8:  Calculated external (cpe) and internal (cpi) wind pressure coefficients. 
 
Peak wind speed (Vp) Peak wind speed (vp) Peak wind pressure (qp(z))
25 m/s 18.25 m/s 0.200 kPa
32 m/s 23.36 m/s 0.327 kPa
36 m/s 26.28 m/s 0.414 kPa
40 m/s 29.20 m/s 0.512 kPa
44 m/s 32.12 m/s 0.619 kPa
F G H I J
0° -2.13 -1.45 -0.38 -0.45 -0.90 0.74 0.11
0° ACC -2.13 -1.45 -0.38 -0.45 -0.90 0.74 0.56
90° -2.05 -2.00 -0.70 -0.53 - - -0.35
0° -2.13 -1.45 -0.38 -0.45 -0.90 - -0.07
90° -2.05 -2.00 -0.70 -0.53 - 0.74 -0.39
90° ACC -2.05 -2.00 -0.70 -0.53 - 0.74 0.56
Flow Fup G H I
0° -2.40 - -1.70 -0.54 - 0.74 0.11
0° ACC -2.40 - -1.70 -0.54 - 0.74 0.56
90° -2.40 -2.66 -2.10 -0.64 -0.54 - -0.35
180° -2.56 - -1.75 -0.82 - - 0.11
0° -2.40 - -1.70 -0.54 - - 0.11
90° -2.40 -2.66 -2.10 -0.64 -0.54 0.74 -0.35
90° ACC -2.40 -2.66 -2.10 -0.64 -0.54 0.74 0.63






















A.2.3 Net pressures 
The net pressure coefficients calculated for the different pressure zones for basic wind speeds 
considered are presented in Table A.9 to Table A.13, in ascending wind speed order. 
Table A.9:  Calculated net wind pressures at the various pressure zones for 25 m/s basic wind speed. 
 
Table A.10:  Calculated net wind pressures at the various pressure zones for 32 m/s basic wind speed. 
 
F G H I J G
0° -0.45 -0.31 -0.10 -0.11 -0.20 -0.44
0° ACC -0.54 -0.40 -0.19 -0.20 -0.29 -0.44
90° -0.34 -0.33 -0.07 -0.04 - -
0° -0.41 -0.28 -0.06 -0.08 -0.17 -
90° -0.33 -0.32 -0.06 -0.03 - -0.55
90° ACC -0.52 -0.51 -0.25 -0.22 - -0.55
Flow Fup G H I Flow Fup G
0° -0.50 - -0.36 -0.13 - -0.63 -0.49
0° ACC -0.59 - -0.45 -0.22 - -0.63 -0.49
90° -0.41 -0.46 -0.35 -0.06 -0.04 - -
180° -0.53 -0.37 -0.19 - - -
0° -0.50 - -0.36 -0.13 - - -
90° -0.41 -0.46 -0.35 -0.06 -0.04 -0.63 -0.68 -0.57
90° ACC -0.61 -0.66 -0.55 -0.25 -0.23 -0.63 -0.68 -0.57



















Model Wind direction Roof
F G H I J G
0° -0.73 -0.51 -0.16 -0.18 -0.33 -0.72
0° ACC -0.88 -0.66 -0.30 -0.33 -0.48 -0.72
90° -0.56 -0.54 -0.12 -0.06 - -
0° -0.67 -0.45 -0.10 -0.13 -0.27 -
90° -0.54 -0.53 -0.10 -0.05 - -0.90
90° ACC -0.85 -0.84 -0.41 -0.35 - -0.90
Flow Fup G H I Flow Fup G
0° -0.82 - -0.59 -0.21 - -1.03 -0.80
0° ACC -0.97 - -0.74 -0.36 - -1.03 -0.80
90° -0.67 -0.76 -0.57 -0.09 -0.06 - -
180° -0.87 -0.61 -0.30 - - -
0° -0.82 - -0.59 -0.21 - - -
90° -0.67 -0.76 -0.57 -0.09 -0.06 -1.03 -1.11 -0.93
90° ACC -0.99 -1.08 -0.89 -0.42 -0.38 -1.03 -1.11 -0.93




















Model Wind direction Roof
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Table A.11:  Calculated net wind pressures at the various pressure zones for 36 m/s basic wind speed. 
 
Table A.12:  Calculated net wind pressures at the various pressure zones for 40 m/s basic wind speed. 
 
F G H I J G
0° -0.93 -0.65 -0.20 -0.23 -0.42 -0.91
0° ACC -1.11 -0.83 -0.39 -0.42 -0.60 -0.91
90° -0.71 -0.69 -0.15 -0.07 - -
0° -0.85 -0.57 -0.13 -0.16 -0.35 -
90° -0.69 -0.67 -0.13 -0.06 - -1.14
90° ACC -1.08 -1.06 -0.52 -0.45 - -1.14
Flow Fup G H I Flow Fup G
0° -1.04 - -0.75 -0.27 - -1.30 -1.01
0° ACC -1.23 - -0.94 -0.46 - -1.30 -1.01
90° -0.85 -0.96 -0.73 -0.12 -0.08 - -
180° -1.11 -0.77 -0.39 - - -
0° -1.04 - -0.75 -0.27 - - -
90° -0.85 -0.96 -0.73 -0.12 -0.08 -1.30 -1.41 -1.18
90° ACC -1.26 -1.36 -1.13 -0.53 -0.48 -1.30 -1.41 -1.18



















Model Wind direction Roof
F G H I J G
0° -1.14 -0.80 -0.25 -0.29 -0.52 -1.12
0° ACC -1.37 -1.02 -0.48 -0.51 -0.74 -1.12
90° -0.87 -0.85 -0.18 -0.09 - -
0° -1.05 -0.71 -0.16 -0.20 -0.43 -
90° -0.85 -0.83 -0.16 -0.07 - -1.40
90° ACC -1.33 -1.31 -0.64 -0.55 - -1.40
Flow Fup G H I Flow Fup G
0° -1.28 - -0.93 -0.33 - -1.61 -1.25
0° ACC -1.51 - -1.16 -0.56 - -1.61 -1.25
90° -1.05 -1.18 -0.90 -0.15 -0.10 - -
180° -1.37 -0.95 -0.48 - - -
0° -1.28 - -0.93 -0.33 - - -
90° -1.05 -1.18 -0.90 -0.15 -0.10 -1.61 -1.74 -1.45
90° ACC -1.55 -1.68 -1.40 -0.65 -0.60 -1.61 -1.74 -1.45





















Table A.13:  Calculated net wind pressures at the various pressure zones for 44 m/s basic wind speed. 
 
  
F G H I J G
0° -1.38 -0.96 -0.30 -0.35 -0.62 -1.36
0° ACC -1.66 -1.24 -0.58 -0.62 -0.90 -1.36
90° -1.05 -1.02 -0.22 -0.11 - -
0° -1.27 -0.85 -0.19 -0.24 -0.52 -
90° -1.03 -1.00 -0.20 -0.09 - -1.70
90° ACC -1.61 -1.58 -0.78 -0.67 - -1.70
Flow Fup G H I Flow Fup G
0° -1.55 - -1.12 -0.40 - -1.94 - -1.51
0° ACC -1.83 - -1.40 -0.68 - -1.94 - -1.51
90° -1.27 -1.43 -1.08 -0.18 -0.12 - -
180° -1.65 -1.15 -0.58 - - -
0° -1.55 - -1.12 -0.40 - - -
90° -1.23 -1.43 -1.08 -0.18 -0.12 -1.94 -2.10 -1.76
90° ACC -1.88 -2.04 -1.69 -0.79 -0.72 -1.94 -2.10 -1.76























APPENDIX B: VERIFICATION OF STATIC ANALYSES RESULTS 
The hand calculations for validation of the peak reaction loads obtained from Robot Structural 
Analysis software were conducted for Model 1 to Model 4, accordingly: 
• A section was taken through the roof support structure at the first internal support to 
represent a 2D truss or frame for roof supports spaced at 1.5 m.  Figure B.1 shows an 
illustrative example for the reaction forces at a basic wind speed of 44 m/s, as obtained 
from Robot Structural Analysis software for Model 4. It is evident that the largest 
reaction forces were obtained at the first internal support (4.88 kN), hence the reason 
for calculating the reaction forces at the first internal supports. 
• The wind loading calculated at 44 m/s basic wind speed was applied to the 2D truss or 
frame.  The wind direction for each model was taken as the direction that produced the 
maximum reaction forces for each individual model.  The accidental load case with the 
dominant wall was considered for each model since this load case produced the 
maximum reaction forces. 
• Static equilibrium calculations were used to determine the vertical reaction loads at the 
windward wall for the wind loads and the self-weight of each model. The resulting peak 
reaction force are then determined. 
• The reaction loads obtained from the hand calculations are compared to the reaction 
loads obtained from the software for validation. The maximum deviation in results 
obtained from the hand calculations and the software were limited to 5%. 
 
Figure B.1:  Illustrative example of reaction loads indicating peak reaction force at first internal support. 
The calculation steps for Model 1 to Model 4 are presented in this section. 
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B.1 Model 1 
 
Figure B.2:  Schematic illustration of static analysis validation for Model 1. 
The reaction force at the first internal support at point “A” was calculated through a static 
analysis by taking the moments about the support at point “B” (ΣMoments at “B” is zero for 
equilibrium), as illustrated in Figure B.2.  The accidental load case at wind 0⁰ was used for the 
calculations as it produced the maximum reaction forces for Model 1.  Table B.1 presents the 
net pressures of the pressure zones calculated in Appendix A.  The pressures are converted to 
uniformly distributed loads (UDLs) acting on the roof support as calculated in Table B.2.  The 
lever arms of the UDLs were calculated in Table B.3.  The sum of the moments and the reaction 
force (RA) at point “A” due to wind loading are presented in Table B.4.  The reaction force due 
to the self-weight of the sheeting is calculated in Table B.5 and the resultant uplift reaction 
force is obtained by subtraction the reaction force of the self-weight from the reaction force of 
the wind load. 
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Table B.1:  Calculated net pressures for Model 1. 
 
Table B.2:  Calculations: uniformly distributed loads on roof support of Model 1. 
 
Table B.3:  Calculations: lever arms for moments about point "B" of Model 1. 
 
Table B.4:  Calculations: moments about point "B" and reaction force at point "A" of Model 1. 
 






















(-1.77) x 0.75 + (-1.36) x 0.75
(-1.66) x 0.75 + (-1.24) x 0.75
UDL No Calculation Lever Arm (m) Calculation Lever Arm (m)
UDL 1 6 + (0.6/2 x cos(12.5⁰)) 6.29 (-0.6/2) x sin(12.5⁰) 0.06
UDL 2 6/2 + [(2.5 + 0.6/2) x cos(12.5⁰)] 5.73 (0.6/2) x sin(12.5⁰) -0.06
UDL 3 6/2 + (2.5/2 x cos(12.5⁰)) 4.22 (0.6 + 2.5/2) x sin(12.5⁰) -0.40
UDL 4 (2.5 + 0.6/2) x cos(12.5⁰) 2.73 (2.5 + 0.6/2) x sin(12.5⁰) -0.61
UDL 5 2.5/2 x cos(12.5⁰) 1.22 2.5 x sin(12.5⁰) -0.54
Horizontal Vertical
Calculations of Lever Arms
Load UDL Length (m) Point Load (kN) V-Component (kN) H-Component (kN) V - L.A. (m) H - L.A. (m) Moment (kN.m)
UDL 1 0.6 -1.41 -1.38 -0.31 0.06 6.29 8.68
UDL 2 0.6 -1.31 -1.28 -0.28 -0.06 5.73 7.30
UDL 3 2.5 -2.18 -2.12 -0.47 -0.40 4.22 8.77
UDL 4 0.6 -0.81 -0.79 0.18 -0.61 2.73 2.27
UDL 5 2.5 -2.33 -2.27 0.50 -0.54 1.22 3.04
A RA RA 0 6 0 6RA
Σ 6 RA + 30.06
Note:
Vertical Component = Point Load x Cos(12.5⁰) Solving RA: -5.009 kN
Horizontal Component = Point Load x Sin(12.5⁰)
Caclulation of Moments about Support B
Description
Mass of steel sheeting 6 kg/m
2
Weight of steel sheeting 0.059 kN/m
2
Tributary area  (6.6 m x 1.5 m) 9.9 m
2
Total vertical reaction force of steel sheeting 0.58 kN




The peak resultant reaction force obtained from the hand calculations is 4719 N.  This value is 
slightly higher, although, within 5% of the value of 4590 N obtained from the structural 
analysis software.  The value obtained from the software is preferred since the roof purlins 
were modelled in the software, therefore, the load distribution is slightly different.  However, 
the exact answer was not expected as the hand calculations merely provide an estimated value 
to check for values that might be way off. 
B.2 Model 2 
 
Figure B.3:  Schematic illustration of static analysis validation for Model 2. 
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The reaction force at the first internal support at point “A” was calculated through a static 
analysis by taking the moments about the support at point “B” (ΣMoments at “B” is zero for 
equilibrium), as illustrated in Figure B.3.  The accidental load case at wind 90⁰ was used for 
the calculations as it produced the maximum reaction forces for Model 2.  Table B.6 presents 
the net pressures of the pressure zones calculated in Appendix A.  The pressures are converted 
to UDLs acting on the roof support as calculated in Table B.7.  The lever arms of the UDLs 
were calculated in Table B.8.  The sum of the moments and the reaction force (RA) at point 
“A” are presented in Table B.9.  The reaction force due to the self-weight of the sheeting is 
similar to that of Model 1. 
Table B.6:  Calculated net pressures for Model 2. 
 
Table B.7:  Calculations: uniformly distributed loads on roof support of Model 2. 
 
Table B.8:  Calculations: lever arms for moments about point "B" of Model 2. 
 














UDL 4 -1.00(-0.67) x 1.5
Calculation
(-1.73) x 0.75 + (-1.70) x 0.75
(-1.61) x 0.75 + (-1.58) x 0.75
(-0.78) x 1.5
Calculation of UDL
UDL No Calculation Lever Arm (m)
UDL 1 6 + 0.6/2 6.3
UDL 2 3 + 2.4 + 0.6/2 5.7
UDL 3 3 + 2.4/2 4.2
UDL 4 3/2 1.5
Calculations of Lever Arms
Horizontal
Load UDL Length (m) Point Load (kN) L.A. (m) Moment (kN.m)
UDL 1 0.6 -1.54 6.3 9.72
UDL 2 0.6 -1.43 5.7 8.17
UDL 3 2.4 -2.81 4.2 11.79
UDL 4 3 -3.00 1.5 4.50
A RA 6 6RA
Σ 6 RA + 34.19
Solving RA: -5.698 kN
Caclulation of Moments about support B
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The peak resultant wind reaction force obtained from the hand calculations is 5408 N.  This 
value is close to the reaction force of 5410 N obtained from the structural analysis software. 
B.3 Model 3 
 
Figure B.4:  Schematic illustration of static analysis validation for Model 3. 
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The reaction force at the first internal support at point “A” was calculated through a static 
analysis by taking the moments about the support at point “B” (ΣMoments at “B” is zero for 
equilibrium), as illustrated in Figure B.4.  The accidental load case at wind 0⁰ was used for the 
calculations as it produced the maximum reaction forces for Model 3.  Table B.10 presents the 
net pressures of the pressure zones calculated in Appendix A.  The pressures are converted to 
UDLs acting on the roof support as calculated in Table B.11.  The lever arms of the UDLs were 
calculated in Table B.12.  The sum of the moments and the reaction force (RA) at point “A” are 
presented in Table B.13.  The reaction force due to the self-weight of the sheeting is similar to 
that of Model 1. 
Table B.10:  Calculated net pressures for Model 3. 
 
Table B.11:  Calculations: uniformly distributed loads on roof support of Model 3. 
 
Table B.12:  Calculations: lever arms for moments about point "B" of Model 3. 
 













(-1.94) x 0.75 + (-1.51) x 0.75




UDL No Calculation Lever Arm (m) Calculation Lever Arm (m)
UDL 1 6 + (0.6/2 x cos(7⁰)) 6.25 6 + (0.6/2 x sin(7⁰)) 0.77
UDL 2 (5.4 + 0.6/2) x cos(7⁰) 5.66 (5.4 + 0.6/2) x sin(7⁰) 0.69
UDL 5 5.4/2 x cos(7⁰) 2.68 5.4/2 x sin(7⁰) 0.33
Calculations of Lever Arms
Horizontal Vertical
Load UDL Length (m) Point Load (kN) V-Component (kN) H-Component (kN) V - L.A. (m) H - L.A. (m) Moment (kN.m)
UDL 1 0.6 -1.55 -1.54 -0.19 0.77 6.25 9.78
UDL 2 0.6 -1.45 -1.44 -0.18 0.69 5.66 8.28
UDL 3 5.4 -5.51 -5.47 -0.67 0.33 2.68 14.87
A RA RA 0 6 0 6RA
Σ 6 RA + 32.94
Note:
Vertical Component = Point Load x Cos(7⁰) Solving RA: -5.490 kN
Horizontal Component = Point Load x Sin(7⁰)
Caclulation of Moments about support B
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The peak resultant wind reaction force obtained from the hand calculations is 5200 N.  This 
value is close to the reaction force of 5280 N obtained from the structural analysis software. 
B.4 Model 4 
 
Figure B.5:  Schematic illustration of static analysis validation for Model 4. 
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The reaction force at the first internal support at point “A” was calculated through a static 
analysis by taking the moments about the support at point “B” (ΣMoments at “B” is zero for 
equilibrium), as illustrated in Figure B.3.  The accidental load case at wind 90⁰ was used for 
the calculations as it produced the maximum reaction forces for Model 4.  Table B.14 presents 
the net pressures of the pressure zones calculated in Appendix A.  The pressures are converted 
to UDLs acting on the roof support as calculated in Table B.15.  The lever arms of the UDLs 
were calculated in Table B.16. The sum of the moments and the reaction force (RA) at point 
“A” are presented in Table B.17.  The reaction force due to the self-weight of the sheeting is 
similar to that of Model 1. 
Table B.14:  Calculated net pressures for Model 4. 
 
Table B.15:  Calculations: uniformly distributed loads on roof support of Model 4. 
 
Table B.16:  Calculations: lever arms for moments about point "B" of Model 4. 
 















(-2.1) x 0.75 + (-1.76) x 0.75





UDL No Calculation Lever Arm (m)
UDL 1 6 + 0.6/2 6.3
UDL 2 3 + 2.4 + 0.6/2 5.7
UDL 3 3 + 2.4/2 4.2
UDL 4 3/2 1.5
Horizontal
Calculations of Lever Arms
Load UDL Length (m) Point Load (kN) L.A. (m) Moment (kN.m)
UDL 1 0.6 -1.72 6.3 10.86
UDL 2 0.6 -1.67 5.7 9.50
UDL 3 2.4 -2.82 4.2 11.86
UDL 4 3 -3.22 1.5 4.82
A RA 6 6RA
Σ 6 RA + 37.04
Solving RA: -6.173 kN
Caclulation of Moments about support B
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The peak resultant wind reaction force obtained from the hand calculations is 5883 N.  This 
value is close to the reaction force of 5870 N obtained from the structural analysis software. 
